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ABSTRACT  
Novel Damage-Free Self-Centering Column Base Connection for Earthquake-

Resilient Steel Buildings  

Conventional seismic-resistant moment-resisting frames (MRFs) designed to 
Eurocode 8 develop inelastic deformations in beams and column bases that result in 
residual drifts and structural damage. Self-centering MRFs (SC-MRFs) with post-
tensioned beam-column connections have been proposed to address these problems. 
However, SC-MRFs cannot avoid plastic hinges in their column bases, resulting in 
difficult-to-repair damage and first-storey residual drifts. Therefore, a damage-free 
self-centering column base connection (referred to as column base) is needed to further 
enhance the earthquake resilience of SC-MRFs.  

A novel column base is proposed in this study. The column base uses post-tensioning 
technology to achieve self-centering behaviour and replaceable web-hourglass shape 
steel pins (WHPs) to dissipate seismic energy, while the rest of its components remain 
damage-free. The column base requires no field welding, it is easy to construct, 
deconstruct and rehabilitate, and thus facilitates sustainable (green) construction.  

The study develops an analytical model to predict the column base hysteretic 
behaviour and identify its limit states. A performance-based design procedure is 
developed for the column base which ensures self-centering and damage-free 
behaviour and designs its main components. A high-fidelity nonlinear finite element 
method (FEM) model for the column base is developed in software Abaqus. The 
Abaqus model verifies the accuracy of the analytical model and identifies failure 
modes that cannot be predicted analytically. A FEM model for the column base is also 
developed in software OpenSees. The model validates the accuracy of the previous 
models and facilitates the seismic assessment of the novel column base. Design 
recommendations for practical application to real buildings are also provided.  

The conventional MRF of a prototype steel building is redesigned as: (a) SC-MRF 
with conventional column bases; and (b) as SC-MRF with the novel column bases. 
The two design cases are modelled in OpenSees and nonlinear analyses are performed 
to compare their seismic response. The results of the analyses demonstrate the resilient 
performance of the novel column base under strong earthquakes, achieving self-
centering and damage-free behaviour. The beneficial effect of the novel column base 
on the seismic response of SC-MRFs is demonstrated by reducing their peak and 
residual drifts in the upper storeys, eliminating the latter in the first storey, and pushing 
their critical structural limit states to higher seismic intensities. Recommendations for 
future research are also provided.  
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NOMENCLATURE  

The following is a summary of acronyms and symbols frequently used in this 

dissertation.  

Acronyms  

BC = boundary condition  

BP = bilinear elastoplastic  

CFT = concrete filled tube  

CHS = circular hollow section  

CG = centre of gravity  

COR = centre of rotation  

DAD = damage avoidance design  

DBE = design basis earthquake  

DCH = ductility class high  

DOF = degree of freedom 

ED = energy dissipator or energy dissipation device  

ER  = elastic tendon or rod  

ERd  = elastic tendon or rod moving downwards  

ERu  = elastic tendon or rod moving upwards  

FOE  = frequently occurred earthquake  
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FEA  = finite element analysis  

FEM  = finite element method   

IDA = incremental dynamic analyses  

IDR  = interstorey drift ratio  

MCE  = maximum considered earthquake  

MDOF  = Multi degree of freedom   

MRF  = moment resisting frame, and conventional moment resisting 

frame design case of the prototype building  

PEEQ  = equivalent plastic strain  

PGA  = peak ground acceleration  

PRESSS = precast seismic structural system(s)  

PT  = post-tensioned  

SC-MRF = self-centering moment resisting frame (term that defines non-

conventional high-performance class of seismic-resistant 

structural systems)  

SCMRF  = self-centering moment resisting frame equipped with the 

specific post-tensioned beam-column connections of Section 

5.3.2.1 and conventional column bases  

SCMRF-CB = self-centering moment resisting frame equipped with the 

specific post-tensioned beam-column connections of Section 

5.3.2.1 and the novel column bases  

SDOF  = Single degree of freedom  

SF  = scale factor for scaling a ground motion record  

SSD = duplex stainless steel  
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TIP = tip of the column in the Abaqus FEM model subassembly  

WHP  = web-hourglass pin  

WHPc  = central web-hourglass pin  

WHPd  = web-hourglass pin moving downwards  

WHPu  = web-hourglass pin moving upwards  

2D  = two-dimensional  

3D  = three-dimensional  

Symbols  

AER = cross-sectional area of the tendons in the column bases  

APT  = total cross-sectional area of the post-tensioned bars in the 

post-tensioned beam-column connections of the SC-MRFs  

bcol = width of the column cross-section  

brp = width of the beam flange reinforcing plates  

bsb = end distance of the shear bumper anchor bolt, in the shear 

bumper horizontal part, towards the CFT side  

C = compression force at the rocking toe of the column base  

Cf = compressive force on the beam-column bearing surface  

csb = initial horizontal clearance between the vertical surface of 

the CFT walls and the vertical surface of the horizontal part 

of the shear bumpers, as defined in Figure 3.10  

Dduct  = external diameter of the steel ducts  

DER = diameter of the post-tensioned tendons in the proposed 

column bases  
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De = diameter of the external parts of a WHP  

Di = diameter of the internal parts of a WHP  

D1 = diameter of the WHP holes in the web and supporting 

plates; or diameter of a cylindrical socket in contact with a 

cylinder of smaller diameter (D2), in the work of Young and 

Budynas 2002  

D2 = diameter of the external part of a WHP; or diameter of a 

cylinder, in contact with a cylindrical socket of larger 

diameter (D1), in the work of Young and Budynas 2002  

de = displacement of a point in the structure, as determined by a 

linear analysis, based on the design response spectrum of 

EC8  

dPT = diameter of the post-tensioned bars in the post-tensioned 

beam-column connections of the SC-MRFs  

dr = design interstorey drift  

droof = displacement at the roof of the structure/building   

ds = displacement of a point in the structure, induced by the 

design seismic action  

d1l = distance from the COR of the lower WHPs in the post-

tensioned beam-column connections of the SC-MRFs  

d1u = distance from the COR of the upper WHPs in the post-

tensioned beam-column connections of the SC-MRFs  

d2 = distance from the COR of the post-tensioned bars in the 

post-tensioned beam-column connections of the SC-MRFs  
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E = Young’s modulus or modulus of elasticity  

EER = Young’s modulus of the material of the ERs  

EPT = Young’s modulus of the material of the post-tensioned bars 

in the post-tensioned beam-column connections of the SC-

MRFs  

EWHP = Young’s modulus of the material of the WHPs  

Ewp = Young’s modulus of the material of the web plates  

e = horizontal distance between the centerline of the column 

and the COR, termed as eccentricity  

eas = length of the extensions of the anchor stand  

e1 = end distance of the shear bumper anchor bolt, in the shear 

bumper horizontal part, and also the edge distance of the 

WHP holes on the supporting plates  

e1,as = edge distance of the ER washer plates  

e1,sb = edge distance of the shear bumper anchor bolt holes, from 

the vertical face of the shear bumper horizontal part, 

towards the CFT side  

e2 = edge distance of the WHP holes on the web plates 

Fel,WHP,i = elastic force developed in a single WHP  

FERd = force developed in the ERds  

FERu = force developed in the ERus  

FERu,i = yield strength of each ERu  

Fpl,WHP,i = plastic force developed in a single WHP  
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FPT = total force developed in the bars of the post-tensioned 

beam-column connections of the SC-MRFs  

Ftot,WHP,i = total force developed in a single WHP  

FWHPc = force developed in the WHPcs  

FWHPd = force developed in the WHPds 

FWHPu = force developed in the WHPus  

FWHP,l = total force developed in the lower pair of the WHPs in the 

post-tensioned beam-column connections of the SC-MRFs  

FWHP,u = total force developed in the upper pair of the WHPs in the 

post-tensioned beam-column connections of the SC-MRFs  

Fwp,max = maximum force exerted to the web plates from the WHPs  

Fy,ER,i = yield strength of a single post-tensioned tendon in the novel 

column bases  

Fy,WHP,i = yield strength of a single WHP  

fy,c = yield stress of the material of the column   

fy,ER = yield stress of the material of the post-tensioned tendons in 

the novel column bases  

fy,PT = yield stress of the material of the post-tensioned bars in the 

beam-column connections of the SC-MRFs  

fy,rp = yield stress of the material of the beam flange reinforcing 

plates  

fy,WHP = yield stress of the material of the WHPs  

fy,wp = yield stress of the material of the web plates  

G = gravity loads; or shear modulus   
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GWHP = shear modulus of the material of the WHPs  

g = gravitational acceleration (=9.81 m/sec2)  

h = storey height  

hbase = total height of the base columns (bottom-storey height) 

htot = total height of the structure  

hbp = length of the base plate over the main axis of the column  

hcol = depth of the column cross-section  

hCFT = cross-sectional depth of the CFT  

hc = cross-sectional depth of the column  

hsas = width of the anchor stand stiffeners  

hsb = width of the shear bumpers  

hsp = width of the supporting plate  

hwp = width of the web plates  

KER = elastic axial stiffness of each of the post-tensioned tendons 

in the novel column base  

Kfe = elastic stiffness of a WHP 

Kfp = post-elastic stiffness of a WHP  

KPT = total axial stiffness of the post-tensioned bars in the post-

tensioned beam-column connections of the SC-MRFs  

kd = constant between two cylindrical bodies with different 

diameters  

Las = length of the anchor stand over the main axis of the column  

LCFT = height of the CFT  
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LER = initial length of the post-tensioned tendons in the novel 

column base  

LER,min,t = minimum required length of the post-tensioned tendons in 

the novel column base so as to avoid yielding for a given 

target base rotation θt  

LER,min,DBE = minimum required length of the post-tensioned tendons in 

the novel column base so as to avoid yielding under the 

DBE   

LER,min,MCE = minimum required length of the post-tensioned tendons in 

the novel column base so as to avoid yielding under the 

MCE   

LPT = the length of each post-tensioned bar in the post-tensioned 

beam-column connections of the SC-MRFs  

Lrp = length of the beam flange reinforcing plates  

Lsas = anchor stand stiffener extent  

Lsb = length of the shear bumpers  

Lsp = length of the supporting plates  

Lw,c = leg length of the weld that attaches the column on the 

anchor stand  

LWHP = length of the internal parts of a WHP  

Lwp = length of the web plates  

M = mass of the superstructure; or moment applied at the 

column base  
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Mc = moment at beam local buckling, determined in the Ibarra-

Medina-Krawinkler deterioration model, termed as 

capping moment  

MD = decompression moment, i.e., moment where the gap opens 

at the base plate-foot end plate interface of the column base  

MEd = design bending moment from the analysis for the seismic 

design situation  

MER = total moment contribution of the post-tensioned tendons in 

the hysteretic behaviour of the novel column base  

MERd = moment contribution of the ERds in the hysteretic 

behaviour of the novel column base 

MERu = moment contribution of the ERus in the hysteretic 

behaviour of the novel column base 

MIGO = moment developed in the novel column base when the first 

yielding occurs  

Mij = moment developed in the novel column base between 

events i and j in its analytically derived hysteretic response  

MN = moment contribution of the axial force in the hysteretic 

behaviour of the novel column base  

MN,pl,Rd,c = plastic moment of resistance of the column, allowing for 

interaction with the axial force  

Mpl = plastic moment of resistance of half a WHP  

Mpl,b = plastic moment of resistance of a beam  
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MWHP = total moment contribution of the WHPs in the hysteretic 

behaviour of the novel column base  

MWHPc = moment contribution of the WHPcs in the hysteretic 

behaviour of the novel column base 

MWHPd = moment contribution of the WHPds in the hysteretic 

behaviour of the novel column base 

MWHPu = moment contribution of the WHPus in the hysteretic 

behaviour of the novel column base  

MWHP,ij = total moment contribution of the WHPs between events i 

and j in the hysteretic response of the novel column base  

My = moment at which a plastic hinge is formed in a steel section, 

according to the modified Ibarra-Medina-Krawinkler 

deterioration model  

My,ERu = moment at which the ERus experience yielding  

N = axial force  

NEd = design axial force from the analysis for the seismic design 

situation  

NEd,G = axial force due to the non-seismic actions included in the 

combination of actions for the seismic design situation  

nab,sb = number of shear bumper anchor bolt in each shear bumper  

nERd = number of ERds  

nERu = number of ERus  

nWHPc = number of WHPcs 

nWHPd = number of WHPds 
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nWHPu = number of WHPus  

p2 = spacing distance of the WHP holes in the web plates 

Q = live loads  

q = behaviour factor  

qd = displacement behaviour factor  

R = force reduction factor or response modification factor  

r = radius between the internal and the external parts of a WHP  

Se = spectral acceleration of the structure from the elastic 

response spectrum of EC8, at its fundamental period  

Sij = rotational stiffness of the column base between events i and 

j in its analytically derived hysteretic response  

ST = spectral acceleration value from the spectrum of a ground 

motion record, at the fundamental period of the structure  

SF = scale factor for the scaling of the ground motion records  

T = period of vibration of the structure; or initial post-

tensioning force at the tendons of the novel column bases  

Ty = total yield strength of the bars in the post-tensioned beam-

column connections  

T0 = initial post-tensioning force at the bars of the post-

tensioned beam-column connections of the SC-MRFs  

T1 = fundamental period of vibration of the structure  

tas = thickness of the anchor stand  

tbp = thickness of the base plate  

tCFT = thickness of the wall of the CFT  
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tduct = thickness of the tube of the steel ducts  

tfep = thickness of the foot end plate  

tf,col = thickness of the flange of the column  

trp = thickness of the beam flange reinforcing plates  

tsas = thickness of the anchor stand stiffener  

tsb = thickness of the shear bumper horizontal part  

tsp = thickness of the supporting plates  

twp = thickness of the web plates  

V = shear force or base shear 

Vb = seismic base shear  

Vb,max = maximum base shear  

VEd = design shear force from the analysis for the seismic design 

situation  

Vpl = shear resistance of half a WHP  

VWHP = yield strength of half a WHP  

Vy = the base shear of a seismic-resistant frame/design case at 

the first yielding of any of the main components of the 

system  

V1 = actual resistance of a seismic-resistant frame/design case  

v = reduction factor that takes into account the lower return 

period of the seismic action, associated with the damage 

limitation requirement  

W = seismic weight of the structure  

Wpl,c = plastic section modulus of the column  
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zc = lever arm of the WHPus  

zd = lever arm of the WHPds  

zERd = lever arm of the ERds  

zERu = lever arm of the ERus  

zu = lever arm of the WHPus  

αER,w = width of the washer plates of the post-tensioned tendons in 

the novel column base  

au = multiplier of horizontal seismic design action at formation 

of global plastic mechanism  

a1 = multiplier of horizontal design seismic action at formation 

of first plastic hinge in the system  

γI = importance factor  

γM0 = partial factor for the resistance of the cross sections  

ΔHsb-wp = initial vertical distance between the lower edge of the web 

plate and the shear bumper  

ΔHwp-as = initial vertical distance between the top surface of the 

supporting plates and the lower surface of the anchor stand  

ΔLERu = elongation of the ERus  

δ = total deflection in a WHP 

δel = elastic deflection in a WHP  

δy,WHP = yield deflection of a single WHP  

ε = factor equal to ,235 y wpf  (fy,wp in N/mm2)  

p
ij  = plastic strain components in the i and j directions  
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l n
p l  = logarithmic plastic strain  

εnom   nominal strain  

θ = base rotation; rotation of the beam-column connection; or 

interstorey drift sensitivity coefficient  

θERd,PTF = θ where the ERds become post-tensioned free  

θERu,Y = θ where the ERus start yielding  

θMCE = base rotation under the MCE   

θr = roof displacement  

θr,DBE = roof displacement under the DBE  

θr,FOE = roof displacement under the FOE  

θr,MCE = roof displacement under the MCE  

θt = target base rotation  

θs,max = peak interstorey drift ratio (or angle)  

,1
,max

stMRF floor
s  = peak interstorey drift ratio in the first floor of the 

conventional MRF design case  

,1
,max

stSCMRF CB floor
s

  = peak interstorey drift ratio in the first floor of the SCMRF-

CB design case  

θs,max,DBE = design peak interstorey drift ratio under the DBE; or peak 

interstorey drift ratio under the DBE  

θs,max,FOE = design peak interstorey drift ratio under the FOE; or peak 

interstorey drift ratio under the FOE 

θs,max,MCE = design peak interstorey drift ratio under the MCE; or peak 

interstorey drift ratio under the MCE 
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θs,max,1.5MCE = design peak interstorey drift ratio under 1.5∙MCE; or peak 

interstorey drift ratio under 1.5∙MCE  

θs,max,2MCE = design peak interstorey drift ratio under 2∙MCE; or peak 

interstorey drift ratio under 2∙MCE 

θs,res =  residual interstorey drift ratio (or angle)  

θs,res,DBE = residual interstorey drift ratio under the DBE  

θs,res,FOE = residual interstorey drift ratio under the FOE  

θs,res,MCE = residual interstorey drift ratio under the MCE 

θs,res,1.5MCE = residual interstorey drift ratio under 1.5∙MCE 

θs,res,2MCE = residual interstorey drift ratio under 2∙MCE  

θ1 = θ at which the gap at the base plate-foot end plate interface 

starts opening (=0 rad)  

θ2 = θ where the first yielding at the WHPs occurs  

θ3 = θ where the second yielding at the WHPs occurs 

θ4 = θ where the third yielding at the WHPs occurs 

θ5 = θ which equals to θt in Behaviour case 1, and θERd,PTF in 

Behaviour case 2  

θi = θ at event i (where i=[1, 11]) in the analytically derived 

hysteretic response of the column base  

λWHP = post-elastic over elastic stiffness ratio of a WHP  

ξ = viscous damping ratio (in percent)  

η = damping correction factor  

σnom = nominal stress  

true  = true stress  
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φ = out-of-plane rotation of a WHPc  

Ω = overstrength factor of the whole structure (=au/a1 ) 

Equation Chapter (Next) Section 1 
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Chapter 1  

1 INTRODUCTION  

1.1 Overview  

Conventional column base connections, referred to as column bases, are fundamental 

components of a steel building. Their behaviour has been proved to a have significant 

effect on the overall building seismic response, with the connection’s flexibility to 

largely affect the lateral displacements of the storeys, the forces of the members, and 

the period, the strength, the ductility capacity and the collapse resistance of the 

building (Aviram, Stojadinovic and Der Kiureghian, 2010; Chou and Chen, 2011a; 

Ruiz-García and Kanvinde, 2013; Zareian and Kanvinde, 2013). However, their 

behaviour has not yet received significant attention. Conventional column bases 

cannot be easily repaired or replaced if damaged; have difficult-to-predict and simulate 

structural properties (i.e., rotational stiffness, rotation capacity and moment resistance) 

and hysteresis; and their stiffness and strength cannot be independently tuned at the 

desired levels to allow for optimum frame design solutions. Moreover, within 

Eurocode 8 (BS EN 1998-1, 2013), they are designed to develop plastic hinges under 

moderate-to-strong earthquakes, in order to limit the seismic design forces. This 

design philosophy has well-renowned advantages, including life-safety and economy. 

However, plastic hinges result in difficult-to-repair damage and residual interstorey 
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drifts (i.e., the interstorey drifts that remain after the end of loading: refer to Appendix 

E), and thereby in high repair costs and building downtime, during which the building 

cannot be used or occupied (Ramirez and Miranda, 2012).  

The inadequate performance of conventional column bases has caused much concern 

in recent years. With a big percentage of the world population residing in earthquake-

prone areas (Holzer and Savage, 2013), there is a growing demand that earthquake-

related losses be mitigated. This trend has been recently mirrored in a survey from the 

Pacific Earthquake Engineering Research Center (PEER). According to this, 

stakeholders were found ready to pay an additional cost on the order of 5 to 10% of 

the building’s cost, in order to ensure a better building seismic performance (Holmes 

et al., 2008). It is therefore evident that new research must be conducted on the 

development of a novel column base that can improve the earthquake resilience and 

the sustainability of new buildings.  

1.2 Background  

With the increase of earthquake vulnerability (Holzer and Savage, 2013), the need for 

seismic (or earthquake) resilience is becoming increasingly important. Bruneau and 

Reinhorn (2006) have defined the seismic resilience of a system as the ability of the 

system to reduce the chances of a shock, to absorb such shock, if it occurs (abrupt 

reduction of performance), and to quickly recover from the shock (re-establish normal 

performance). Seismic resilience in structures can be realized with structural designs 

that enable the control of the damage and the elimination of the residual drifts, thereby 



 

3 
 

enabling easy and low-cost repair. Special care should be taken so that these designs 

do not excessively increase the initial construction cost.  

On the other hand, with the increasing international trend for sustainability in 

structures, the so-called “building green” philosophy promotes the use of structural 

steel, in order to allow structures to be designed both for deconstructability and 

rehabilitation (Uy, 2014). Deconstructability offers the structures the potential to be 

easily dismantled and therefore the potential for reuse of the structural members and 

materials. This design philosophy is known as Design for Deconstruction (DfD) 

(Wang, Webster and Hajjar, 2015; Liu, 2016). According to Wang, Webster and Hajjar 

(2015), DfD aims to increase the quantity of materials recovered from renovation and 

demolition projects, so that they can be reused with little or no refabrication in new 

construction projects. Rehabilitation extends the lifespan of structures, i.e., their 

serviceable life. Utilizing both techniques, buildings use less energy and building 

materials (i.e., natural resources) and produce less pollution and waste during both 

their construction and repair, enabling for sustainable construction.  

1.3 Motivation  

1.3.1 Disadvantages of conventional seismic-resistant 

structural systems  

In order to economically design structures, current design codes, like Eurocode 8 (BS 

EN 1998-1, 2013), allow for inelastic deformations in structural members and 

connections. Utilizing inelasticity in a seismic-resistant (or seismic force-resisting) 

structural system, a significant reduction in the elastic seismic forces can be achieved, 
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by dividing them with the so-called behaviour factor q (force reduction factor or 

response modification factor, R, in US provisions). In fact, the reduction can be of 

such a magnitude that the elastic seismic forces in some systems can be even scaled 

down up to eight times their elastic predictions. This strategy clearly produces smaller 

structural members and thereby a more economical seismic-resistant system.  

However, experience from recent earthquakes, along with recent studies on seismic 

design and evaluation of conventional seismic-resistant systems (Sanchez-Ricart and 

Plumier, 2008; Elghazouli, 2009; Dimopoulos, Kamperidis, et al., 2013; Dimopoulos, 

Karavasilis, et al., 2013; Tzimas, Dimopoulos and Karavasilis, 2015) showed that 

these systems experience significant inelastic deformations in the form of plastic 

hinges. Plastic hinges result in significant structural and non-structural damage and 

also in residual drifts under the design basis earthquake [DBE; 475 years return period, 

or 10% probability of exceedance in 50 years (FEMA, 2006)]. Earthquake-induced 

damage and residual drifts result in post-earthquake direct and indirect losses. On the 

other hand, the qualified seismic-resistant structural configurations of EC8 do not 

facilitate easy access, inspection and repair, making damage and residual drifts 

difficult to be repaired. Furthermore, damage demands field welding which may lead 

to excess repair time and also site-welding-quality uncertainties.  

Direct losses include costs for post-earthquake demolition, rebuild, repair, and costs 

for restoration. The more important, though, but yet the most difficult to assess and 

evaluate, are the indirect losses, i.e., the losses that cannot directly be translated into 

monetary terms. Such losses include: losses due to the downtime of the building, due 

to repair or inspection, during which the building cannot be used or occupied (loss of 
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use); life (or death) losses, i.e., casualties and injuries; environmental losses, as a result 

of raw material losses due to demolition, repair and rebuild, and also due to the 

associated additional pollution produced; and lastly, societal and community losses, 

like losses due to business and lifelines interruption, loss of culture, loss of sense of 

community and quality of life, which can last for many years after the end of the 

seismic event.  

Costs related to downtime of buildings, was the subject of research of a number of 

academics and researchers so far. A recent study (Mander and Huang, 2012) showed 

that even well-designed, code-compliant structures, may need to be closed for long 

periods of time, following an earthquake, as has recently been seen in the Canterbury 

earthquake sequence. Another study by Ghorawat (2011) showed that, in monetary 

terms, the downtime loss is the most significant lcompared to the physical damage loss 

and death loss. He also showed that the death loss is greater than the direct physical 

damage itself.  

On the other hand, the downtime of buildings does not just affect the economy of their 

owners, but can also impact the economy of the whole city they belong. A modern 

paradigm, is that of the San Francisco Planning for Urban Resilience (SPUR) report, 

‘Safe enough to stay’ (SPUR, 2012). The report not only exemplifies the importance 

of buildings’ immediate re-occupancy, and therefore the significance of a building’s 

downtime in the aftershock of an earthquake, but also upgrades this importance to a 

city level. According to the report, the issue of immediate re-occupiability (and its 

implications on sheltering in place) is directly acknowledged as an important factor to 

the city’s seismic resilience. SPUR defines the seismic resilience of a city as the ability 
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to contain the effects of earthquakes, when they occur, to carry out recovery activities, 

in ways that minimize social disruption, and to rebuild in ways that mitigate the effects 

of future earthquakes. SPUR bridges the seismic resilience of a building to the city’s 

overall resilience and highlights their inextricable link.  

Indirect losses are the most difficult to be evaluated and measured in monetary terms. 

However, it is evident that they cannot be ignored. In earthquake-prone regions, it is 

more than common sense that earthquakes can last for seconds, but their consequences 

can last for years.  

The great impact of the earthquake-related losses, both on individuals and societies, 

highlights the great need to be effectively addressed.  

1.3.2 Earthquake-resilient structural systems  

According to EC8 (BS EN 1998-1, 2013), plastic hinges are expected to be developed 

both in the members and the connections (beam-column connections and column 

bases) of the structure. However, in order to enable easy construction, deconstruction, 

and post-earthquake repair and rehabilitation, it is more convenient that the plastic 

hinges are developed in the connections, rather than in the members (Uy, 2014). 

Capitalizing on this idea, a new class of seismic force-resisting structural systems, 

referred to as self-centering moment resisting frames (SC-MRFs), have been 

developed with the aim to mitigate the earthquake-related losses, providing seismic 

resilience.  

SC-MRFs leverage the advantages of conventional moment resisting frames (MRFs), 

offering high ductility and architectural flexibility (Zareian and Kanvinde, 2013; 
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Imanpour et al., 2016), and use self-centering, post-tensioned (PT) beam-column 

connections as a viable alternative to conventional beam-column connections. The 

rocking behaviour of these connections has been proved to reduce their seismic 

loading and ductility demands, forcing their structural response in the elastic region 

(Eatherton 2010; Isoda et al. 2012). Furthermore, introducing a softening effect in a 

structure (lengthening its period), it has been proved to reduce storey accelerations, 

with concurrent base shear reduction. However, rocking is not considered sufficient to 

limit storey lateral displacements and peak seismic forces to the targeted levels (Roh 

and Cimellaro, 2011; Chancellor et al., 2014).  

Energy dissipation devices (EDs) have also been used in self-centering PT connections 

to decrease floor accelerations and dissipate seismic energy, mitigating as such the 

design seismic forces. EDs can be either yielding-based (Ricles et al., 2001; 

Christopoulos et al., 2002; Chou and Lai, 2009; Chou, Tsai and Yang, 2009; 

Dimopoulos, Karavasilis, et al., 2013; Vasdravellis, Karavasilis and Uy, 2013a, 

2013b), or friction-based (Rojas, Ricles and Sause, 2005; Kim and Christopoulos, 

2008; Tsai et al., 2008; Wolski, Ricles and Sause, 2009), activated when a gap opens, 

and can be easily replaced if damaged.  

On the other hand, several studies on PT column bases have confirmed their ability to 

eliminate structural damage and ensure self-centering behaviour by limiting storey 

displacements and peak seismic forces (Ikenaga et al., 2006; Ikenaga, Nakashima and 

Nagae, 2009; Chou and Chen, 2011a; Chi and Liu, 2012). A connection achieves a 

self-centering behaviour when it returns to zero base rotation (defined in Section 3.3) 

upon removal of the connection’s moment, and the subassembly returns to its pre-

loaded (plumb) position. According to Chou and Chen (2011b), PT column bases have 
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been also found to affect residual deformations and minimize residual drifts, thereby 

enhancing self-centering capability.  

Recent studies (Ricles et al., 2001; Garlock, 2002; Chou and Chen, 2011a; 

Dimopoulos, Karavasilis, et al., 2013) have conducted dynamic analyses on SC-MRFs 

with conventional column bases. They have shown that under major earthquakes, SC-

MRFs would have recovered their initial geometry (self-centering behaviour) with 

minimum residual drifts, if significant residual deformations – due to plastic hinge 

formation – had been avoided in the column bases. Ramirez and Miranda (2012) have 

proved that large residual drifts increase repair costs and result in large economic 

losses, associated with demolition and collapse. The importance of residual drifts is 

also highlighted by the findings of Iwata, Sugimoto and Kuwamura (2006) and 

McCormick et al. (2008), where buildings with post-earthquake residual interstorey 

drift ratios (IDRs; described in Appendix E) over 0.50%, were found to be financially 

more viable to be demolished rather than to be repaired.  

1.3.3 Conventional column bases  

Despite their inadequate seismic performance in regions of high seismicity, the 

majority of buildings still use conventional column bases and therefore can experience 

serious damages under strong earthquakes. Conventional column bases are classified 

in two main categories: (a) the exposed column bases (or column bases with exposed 

base plates) [see Figure 1.1(a)]; and (b) the embedded ones [see Figure 1.1(b-d)]. 

According to Grauvilardell et al. (2005), this division is determined by the position of 

the base plate in relationship to the foundation of the structure, and is considered 
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representative of the two traditionally recognized support conditions: the “pinned” 

supports and the “fixed supports”.  

  
(a) (b) (c) (d) 

Figure 1.1 (a) Typical column base with exposed base plate; (b) Embedded type; (c) 
Shallowly embedded type with embedded base plate; (d) Shallowly embedded type with 

exposed base plate (Grauvilardell et al., 2005)  

 

Exposed column bases [or exposed base plate connections (Kanvinde et al., 2015)], 

are of main interest in this research work because they represent the common practice 

for steel buildings designed according to Eurocode 8. Figure 1.2 and Figure 1.3 

illustrates the most common types of conventional exposed column bases in steel 

MRFs, while Figure 1.4 the most common types of conventional exposed column 

bases in steel braced frames.  

  
(a) (b) 

Figure 1.2 Conventional exposed open cross-section column bases in steel MRFs: (a) 
unstiffened H-section column base; (b) stiffened H-section column base. Photographs: (a) 

K.D. Nikou; (b) G. Kyrgios and E. N. Bozanoglidi  
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(a) (b) 

Figure 1.3 Conventional exposed tube column bases in steel MRFs: (a) unstiffened tube 
base; (b) stiffened tube base. Photographs: K. D. Nikou  

 

  

(a) (b) 

  
(c) (d) 

Figure 1.4 Conventional exposed column bases in steel braced frames: (a) Stiffened H-
section column base with bracing members over the strong axis of the column; (b) 
Unstiffened H-section with bracing members over the weak axis of the column; (c) 

Unstiffened tube base with circular hollow section (CHS) bracing member; (d) Stiffened tube 
base with CHS bracing member. Photographs: (a) after Smart Building (2010); (b) after 

Rosenthal (2007); (c) after Kurobane et al. (2004); (d) after Aguirre (2009)  
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1.3.4 Disadvantages of conventional exposed column 

bases  

Conventional exposed column bases cannot be easily repaired if damaged; do not 

facilitate deconstructability and rehabilitation; demand field welding; do not ensure a 

self-centering behaviour; have difficult-to-predict and simulate stiffness, strength and 

hysteresis; and their stiffness and strength cannot be independently tuned at the desired 

levels to allow for optimum structural design solutions. The main of these 

disadvantages are described in the next sections aiming to highlight the problems that 

arise from the use of the conventional column base configurations in seismic-resistant 

steel buildings.  

1.3.4.1 Modelling deficiencies of conventional exposed column 

bases  

Within the framework of Eurocode 8, conventional exposed column bases, designed 

to resist moments, are usually simulated and modelled as fixed connections, while in 

some cases are modelled as pinned. However, recent analytical and experimental 

findings have proved that most exposed column bases exhibit “partial-fixity” 

(Grauvilardell et al., 2005). As a result of their actual behaviour, exposed column 

bases, when assumed to respond as fixed supports, were able to resist the required 

loads, but only after significant deformations, which had neither been modelled in the 

structural analysis nor considered in the design. This fact resulted in larger than 

expected storey drifts, greater than assumed joint deformations, larger column 

moments, and at times collapse. This may impact serviceability and reduce the margin 

of safety (Sato, 1987; Zareian and Kanvinde, 2013). In addition, the fixed-base 
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assumption was found to produce significantly higher ductility capacity, strength and 

collapse resistance for steel MRFs. Rotational flexibility of exposed column bases 

concentrates deformations in the first storey of the buildings, greatly diminishing 

ductility compared to the design assumption (Zareian and Kanvinde, 2013). Therefore, 

in general, the fixed-base assumption results in unconservative results.  

Conversely, when column bases are designed as pinned (for example in low-rise 

buildings), they are modelled as such, resulting in overconservative designs (Zareian 

and Kanvinde, 2013). Ruiz-García and Kanvinde (2013) found that for the ideal 

pinned-base condition, drift demands concentrate in the bottom stories of buildings, 

as opposed to the fixed- and the expected-base (i.e., the actual) condition. Furthermore, 

they have found that, in general, the ideal pinned-base condition can lead to larger 

peak interstorey drift demands than the fixed- and the expected-base condition. The 

height-wise distribution of both above drift demands was also found to be significantly 

influenced by the assumed column base flexibility condition. For the pinned-base 

assumption, Eröz, White and DesRoches (2010) reported that the pinned supports 

result in increased frame deflections, relative to the case where the actual partial fixity 

of the column bases is considered.   

At the other end of the spectrum, the deficiencies that arise from the current design 

methodology and also the importance of considering the actual stiffness of the column 

bases have been demonstrated by all relevant recent studies. Kanvinde, Jordan and 

Cooke (2013) showed that the current design approaches can grossly misrepresent the 

stress distribution in exposed column bases with thick base plates. They had conducted 

both numerical and experimental studies and concluded that thicker base plates tend 
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to concentrate the stresses at the compression toe of the base plate. This significantly 

amplifies the bending moment in the base plate, on the compression side of the column 

base, indicating that the current design approaches do not consider this effect, and may 

be non-conservative. Another study by Ruiz-García and Kanvinde (2013) showed that 

considering the column base flexibility, instead of the idealised assumptions of pinned 

or fixed column bases is very important for seismic performance-based assessment. In 

the study it was shown that the drift response of the frames was significantly 

influenced by the assumption of the base fixity conditions. In general, the authors 

recommended that more realistic assumptions of the base flexibility be considered, 

when nonlinear dynamic analyses are to be performed.  

All the above demonstrate that a column base configuration that could provide an 

actual response very close to the simulated response would be very important for the 

accurate modelling and simulation of the entire structure.  

1.3.4.2 Failure mechanisms of conventional column bases  

Apart from the aforementioned shortcomings, the current EC8-prescriptive column 

base configurations entail a number of failure modes that are difficult to be repaired. 

Observations by Grauvilardell et al. (2005) after strong earthquakes showed that even 

well-conceived code-compliant exposed column base plate connections (which are the 

common practice in steel buildings designed according to EC8) suffer various types 

of failure mechanisms in the components that consist these base connections. In part, 

this may be attributed to the overstrength that conventional column bases may exhibit 

due to the strain-hardening and random variability of the column bases’ materials, as 

it was recently shown by (Latour and Rizzano, 2013). Figure 1.5 to Figure 1.14 show 
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the most common failure mechanisms of conventional exposed steel column bases, 

which are the following:  

 Anchor bolt pullout failure under tension (Figure 1.5) 

 Grout or Pedestal crushing, or splitting (Figure 1.6)  

 Shear failure of the anchor bolts, with or without the crumbling of the grout 

and the cracking of the concrete (Figure 1.7)  

 Anchor bolts failures in tension, yielding or fracture (Figure 1.8)  

 Shear key/lug failure (Figure 1.9)  

 Flexural yielding of both the tension and the compression side of the base plate 

(Figure 1.10)  

 Weld failures (Figure 1.11)  

 Plastic hinge formation in the column (Figure 1.12)  

 Shear key breakout failure of the concrete (Figure 1.13)  

 Fracture of base plates (Figure 1.14)  

 

Figure 1.5 Anchor bolt pullout failure under tension (Ayub and Guttema, 2012)  
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Figure 1.6 (a) Grout crushing; (b) Pedestal crushing; (c) Pedestal splitting. Photographs: (a), 
(b), (c) after Gomez et al. (2009); (d) after Petersen, Lin and Zhao (2013)  

 



 

16 
 

 

 

Figure 1.7 (a), (b), (c) Shear failure of the anchor bolts; (d) Shear failure of the bolts, 
accompanied with crumbling of the grout and cracking of the concrete. Photographs: (a), (b), 

(c) after Gomez et al. (2009); (d) after Gresnigt et al. (2008)  
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(a) (b) 

 
 

(c) (d) 

Figure 1.8 Anchor bolts failures in tension: (a) Yielding; (b), (c) Yielding and fracture; (d) 
Close-up of the fractured surface on the anchor shaft. Photographs: (a) and (c) after Gomez, 
Kanvinde and Deierlein (2010); (b) after Herrera and Beltran (2012); (d) after Petersen, Lin 

and Zhao (2013)  

 

 

Figure 1.9 Shear key/lug failure due to shear force from the concrete foundation [after 
Aguirre and Palma (2009)]  
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Figure 1.10 Flexural yielding of both the tension and the compression side of the base plate 
from various loading regimes, with schematics of ideal imposed and resisting forces [after 

Gomez, Kanvinde and Deierlein (2010)]  
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(a) (b) 

 
(c) 

 
(d) 

Figure 1.11 (a) Crack initiation at corner of flange in the heat affected zone, at the fusion line 
between the weld and the column flange; (b) Re-entrant corner at weld access hole, 

triggering fracture initiation and subsequently failure; (c) Crack propagation through the web; 
(d) Fracture initiation of the column to base plate weld. Photographs: (a), (b), (c) after Myers 

et al. (2009); (d) after Gomez, Kanvinde and Deierlein (2010)  
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(a) 

  

(b) (c) 

Figure 1.12 (a) Typical plastic hinge formation in a steel open section (I-beam); (b) Plastic 
hinge in an I-beam, due to local buckling of compression flange; (c) Plastic hinge in a steel 
tube. Photographs: (a) after Melenciuc, Ştefancu and Budescu (2011); (b) after Myers et al. 

(2013); (c) after Lignos et al. (2013)   
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Figure 1.13 Shear key breakout failure of the concrete [after Gomez et al. (2009)]  

 

 

Figure 1.14 Close-up view of crack in a thick base plate (Lai et al., 2015)  
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Eurocodes – as well as other codes [e.g. 2012 International Building Code (IBC) 

(Structural Engineers Association of California (SEAOC), 2012)] – aim to avoid the 

majority of the above failure mechanisms under the design seismic forces. However, 

within the capacity design of EC8, the conventional column bases are in principle 

designed as full-strength joints, aiming at transferring the structural damage intended 

in the base under moderate-to-strong earthquakes, from the base connections 

themselves to the lower part of the ground floor columns in the form of a plastic hinge 

(Figure 1.12). With this strategy, EC8 aims to achieve an overall dissipative and 

ductile behaviour and avoid brittle failures and premature formation of unstable 

mechanisms. In this respect, the design seismic forces can be reduced, and more 

economical seismic-resistant structural solutions can be obtained. However, the 

capacity design relies on the presumption that the plastic hinges at the column 

members will offer higher rotational capacity, compared to the other possible failure 

mechanisms (Rodas, Zareian and Kanvinde, 2016). Interestingly though, a recent 

study by Lignos and Krawinkler (2007) showed that the ductility of the plastic hinges 

at the lower parts of the base columns may be compromised by phenomena such as 

local or lateral torsional buckling. In addition, according to Ramirez and Miranda 

(2012), plastic hinges result in difficult-to-repair damage and significant residual drifts 

under the design basis earthquake [DBE; 475 years return period, or 10% probability 

of exceedance in 50 years]. In turn, earthquake-induced damage and residual drifts 

result in direct and indirect losses (refer to Section 1.3.1) (Ramirez and Miranda, 2012; 

Rodgers et al., 2016).  
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It is therefore very important for column bases to avoid the formation of a plastic hinge 

in the lower part of the columns of the ground floor, which eventually increases the 

residual interstorey drifts of the buildings.  

1.3.5 Need for resilient column bases  

All the above demonstrate the inadequacy of conventional column bases to enable 

earthquake resilience and sustainability in construction. On the other hand, the 

potential that novel column base configurations can have a beneficial impact towards 

a more resilient and sustainable seismic building performance has become evident. 

However, little research (described in Chapter 2) has been conducted on such novel 

column bases. It is therefore necessary to conduct new research on the development 

of a novel column base that can address the above challenges.  

1.4 Research objectives  

A damage-free and self-centering, high-performance column base is an innovative 

concept. There is therefore the need to develop a novel column base with the 

aforementioned characteristics and to investigate the seismic performance of steel 

buildings that use the proposed column base. Thus, the objectives of this research are:  

1. To develop a novel damage-free self-centering column base connection for 

earthquake-resistant steel buildings.  

2. To investigate the force transfer mechanism and the behaviour of the novel 

column base, under seismic loading.  

3. To develop a step-by-step design procedure for the column base, according to 

Eurocodes (BS EN 1998-1 2013; BS EN 1993-1-1 2009).  
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4. To assess the resilience-based seismic performance of the novel column base 

against specific resilience-based performance objectives. These column base 

performance objectives are the following:  

a. Self-centering behaviour. Self-centering behaviour will help to 

eliminate residual interstorey drifts and minimise repair costs. Post-

tensioning is employed to provide self-centering capability for the 

target levels of seismic intensity, i.e., a self-centering control 

mechanism.  

b. Stiffness and strength that can be independently tuned to different 

levels. The tuning of the aforementioned structural properties is aimed 

to be decoupled from the self-centering capability of the column base. 

This will allow for optimum structural design solutions, where the 

designer will have more flexibility in controlling the base shear 

strength and stiffness of the overall frame.   

c. Damage-free behaviour. Structural damage is isolated in easily 

replaceable ductile elements of the connection, called fuses. The fuses 

are intended to dissipate seismic energy and thus mitigate the design 

seismic forces and accelerations, playing the role of the EDs of the 

column base. All other components of the column base are designed to 

be elastic (i.e., damage-free).  

d. Easy inspection and repair, reducing downtime and enabling rapid 

return to building use and occupancy after strong earthquakes. Thus, 

earthquake resilience of buildings can be promoted.  
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e. Easy deconstruction and rapid rehabilitation on-site, avoiding field 

welding, and thus allowing for sustainable (green) construction.  

f. Structural solutions with both steel and composite columns of various 

types, e.g. open steel sections and steel, or steel-concrete composite 

tubes. Thus, the novel column base can be widely applicable.   

g. Easy and accurate prediction of stiffness and strength, and easy and 

reliable simulation of the hysteretic behaviour and the self-centering 

capability.  

5. To evaluate the structural contribution of the novel column base to the overall 

seismic performance of code-compliant steel buildings, under strong 

earthquakes.  

1.5 Organisation of the dissertation  

The dissertation is organised into six chapters, following the chronological order in 

which the research has been performed. Tables and figures are provided within the 

chapters to facilitate the understanding of the reader. Chapters 1, 3, 4, 5, and 6 are 

based on and include parts of published work of the author.  

The remainder of this dissertation is as follows:  

 Chapter 2 presents a brief review on the state-of-the–art, previous relevant 

research, in the area of novel seismic-resistant column bases. Additional 

related research, carried out at the same time with this study, was also 

reviewed. The seismic performance of the proposed column bases is evaluated 

against the resilience-based criteria of Section 1.1.  
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 Chapter 3 describes the expected performance of the novel column base and 

establishes the performance objectives to be attained. The main components of 

the column base are described. Mathematical relationships that describe the 

behaviour of these components are introduced, and their contribution to the 

total response of the column base is identified. The analytical expressions are 

used for the development of an analytical model and a design procedure. The 

hysteretic moment-base rotation relationships, the structural limit states and 

the capacities of the column base are determined. The failure modes are 

correlated with predefined seismic intensity levels of Eurocode 8.  

 Chapter 4 develops high fidelity FEM models in Abaqus and OpenSees 

software. First, a detailed geometry is obtained by implementing the proposed 

design procedure, assisted by the design rules of Eurocode 3 (BS EN 1993-1-

8, 2010) and 8. The design is modelled in a three-dimensional FEM model in 

Abaqus. A simplified nonlinear displacement-controlled analysis is then 

performed to derive the hysteretic behaviour, capture all potential failure 

modes, evaluate its damage-free behaviour, and assess the accuracy of the 

analytical model. A two-dimensional FEM model is also developed in software 

OpenSees. The OpenSees model represents a design scenario obtained by the 

design procedure, considering the design loads of the prototype building of 

Chapter 5. The model is used in the seismic assessment of real steel buildings, 

in Chapter 5.  

 Chapter 5 describes the prototype building that is used for the seismic 

evaluation of real steel buildings, equipped with the novel column base. 

Different building design scenarios are modelled in OpenSees, with and 
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without the proposed column base. Their response is investigated when 

subjected to static and earthquake loadings. The response of the connections is 

also assessed. Finally, the contribution of the novel column base is evaluated 

against the seismic response of conventional steel frames to EC8, and self-

centering MRFs of recent studies.  

 Chapter 6 presents a research summary of the important findings, 

contributions and conclusions of this study. Recommendations for future 

research work are also included.  

 

Equation Chapter (Next) Section 1 
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Chapter 2  

2 LITERATURE REVIEW  

2.1 Overview  

This chapter presents a brief overview of previous relevant research on recently 

developed moment resisting column bases that aim to address the deficiencies of 

conventional column bases. The chapter starts with a short description of the residual 

deformations and their role in the seismic performance of modern buildings. It 

continues with a review of self-centering systems and then with a brief description of 

the rocking behaviour of structural elements in order to facilitate the better 

understanding of the following examined research. Finally, existing column bases with 

damage control and/or self-centering characteristics are presented and their 

performance is critically evaluated. On the basis of this critical evaluation, the chapter 

concludes by outlining the ideal characteristics that a column base should have to 

achieve an optimum earthquake-resilient behaviour.  

2.2 Residual deformations  

Residual deformations are defined as the inelastic deformations that remain in the 

structure after the end of a seismic action. However, only recently the role of residual 
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drifts in the seismic performance, post-earthquake safety, and economic feasibility of 

the repair of buildings has been given the appropriate attention. Few researchers have 

investigated measured residual drift levels of structures after earthquakes and have 

highlighted their importance in quantifying the seismic performance of a building. 

They have correlated these levels with actual damage levels and eventually with 

repairability limit states.  

Iwata, Sugimoto and Kuwamura (2006) have found that repairs were either not 

possible, or not economical, for structures with residual drifts greater than about 

0.50%, for the complete structure, or about 1.10%, at any one storey level, separately. 

McCormick et al. (2008) conducted an extended literature review based on 

functionality, construction tolerances and safety. They have found that 0.005 rad can 

be used as an index level for permissible residual deformation. They have also found 

that local floor inclinations of 0.0067 rad, related with occupants’ inconvenience, 

feeling that floors were not level. Recently, Ramirez and Miranda (2012) proposed a 

new approach with the aim to expand and improve the Pacific Earthquake Engineering 

Research (PEER) Centre performance-based design methodology (Ruiz-García and 

Miranda, 2005). The approach explicitly takes into account residual deformations to 

compute the probability that the building may have to be demolished after an 

earthquake. They suggest that economic losses at intermediate seismic intensity levels 

are often dominated by losses due to residual interstorey drifts. That is particularly 

true in the case of ductile buildings in which neglecting losses from residual drifts can 

lead to significant underestimation of economic losses.  

By explicitly correlating residual deformations with damage states, residual IDRs 

were eventually considered in the design process. Increasingly, it is acknowledged that 
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the residual deformations is an important and complementary damage indicator (Kam 

et al., 2010). The most modern codes are now considering residual IDRs as a form of 

structural damage (Chancellor et al., 2014). Recently, FEMA P-58 (FEMA, 2012) set 

a limit of 1% of the storey height for the residual drifts, beyond which the building is 

deemed irreparable. FEMA P-58 also reports that modest levels of residual drift can 

require costly and difficult adjustments to certain nonstructural components (e.g., re-

alignment of elevator rails and building facades), and can also lead to concerns that a 

building is unsafe for post-earthquake inspection or repair. Larger residual drifts can 

result in attempts to straighten the structural frame, or implementation of other 

measures intended to improve the stability of the system. Residual drifts can become 

large enough to seriously jeopardize structural stability in aftershocks, and render the 

building uneconomical to repair (i.e., the cost of repair is comparable to the cost of 

replacing the building). In addition, the later report provides a simplified model that 

predicts the residual drifts of buildings, with the aim to infer the damage state of the 

building under investigation and together with a building repair fragility to determine 

if the building repair is practical (in terms of economy), or whether a full replacement 

of the building should be considered.  

2.3 Self-centering capability  

Prior to the 1994, Northridge, California earthquake, conventional code-compliant 

steel MRFs used moment connections that were designed to develop plastic hinges 

under the DBE, in order to absorb and dissipate seismic energy, and thus reduce the 

design seismic forces. According to Ricles et al. (2001), these connections consisted 

of welded beam flanges and a shear tab, with full penetration welds between the beam 
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and the column flanges. Laboratory tests conducted in the 1970s showed that these 

connections had good ductility under cyclic loading, although other tests showed a 

poorer performance. In addition, these connections were economical and easy to 

fabricate, and therefore were widely used in seismic-resistant MRFs. Unfortunately, 

after the Northridge earthquake, a significant number of connection failures were 

found in numerous buildings with these field-welded connections. The failures were 

initiated by unexpected premature fractures in the full-penetration welds between the 

beam bottom flange and the column flange. The occurrence of these premature 

fractures inhibited the formation of plastic hinges at the ends of the beams, with 

consequent loss of ductility and stability for the systems.  

To address the inherent deficiencies of conventional, field-welded, beam-column 

connections, self-centering MRFs (SC-MRFs) were proposed as a viable alternative 

to conventional MRFs. The self-centering behaviour of the SC-MRFs is defined as the 

capability to recover their initial geometry after the end of the lateral loadings that 

caused the deformation of the system. The SC-MRFs virtually eliminate the structural 

damage in the main non-replaceable elements of their self-centering beam-column 

connections, by softening their seismic response through elastic gap-opening and 

closing mechanisms, instead of yielding in their primary structural components.  

Priestley (1996) was the first who used the self-centering scenario in precast concrete 

structures. The structures utilized beam-column connections with self-centering and 

energy dissipation characteristics. The seismic behaviour of these structures was 

experimentally investigated by Priestley et al. (1999). In their experiments, a full-scale 

five-storey precast concrete building, utilizing the four different types of beam-column 

connections shown in Figure 2.1, was tested under seismic loading.  
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Figure 2.1 The four different ductile connection types tested in Priestley et al. (1999)  

 

In Figure 2.1(c) and (d), TCY denotes tension/compression yielding. The tests showed 

that the self-centering connections had excellent performance, obtaining small residual 

drifts through self-centering capabilities, even under significant inelastic 

deformations.  

The first implementation of the self-centering scenario in steel frames was realized by 

Ricles et al. (2001). They proposed self-centering steel moment resisting frames (SC-

MRFs) equipped with self-centering beam-column connections in order to avoid the 

use of field welding, reduce the damage in the beams, and achieve relatively small 

residual IDRs after an earthquake. Their self-centering connection localized damage 
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in the easily repairable angles, seen in Figure 2.2(a). The angles played the role of the 

EDs in the connection, acting as structural fuses.  

 
 

(a) (b) 

Figure 2.2 (a) The self-centering, PT Beam-column connection, proposed by Ricles et al. 
(2001); and (b) its moment-rotation hysteretic behaviour  

 

The connection uses PT steel strands and a gap-opening mechanism in the interface 

between the beam and the column, in order to provide recentering forces, clamp the 

beam to the column, and provide self-centering capability. At the same time, utilizing 

the yielding of the angles achieves energy dissipation, and therefore minimization of 

the seismic accelerations. As such, the connection can reduce structural and non-

structural damage, and also residual IDRs.  

The theoretical flexural behaviour of the connection is represented by the flag-shape 

moment-rotation diagram of Figure 2.2(b). This hysteretic pattern is typical for a self-

centering connection with EDs. For small values of bending moments, the connection 

behaves like a traditional rigid connection, with the initial stiffness of the connection 

to be the same as that of a conventional welded connection. With the increase of the 

bending moment, the contact stress at the upper end of the beam decreases, and when 

the moment reaches a specific value, eventually becomes zero. This value is the so-
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called called decompression moment since it coincides with the decompression of the 

end of the beam. After this point [Point 1 in Figure 2.2(b)] the gap opens in the 

interface of the beam and the column, triggering the elongation of the PT bars. At this 

point, the behaviour of the connection becomes non-linear elastic, with rotational 

stiffness associated with the elastic stiffness of both the angles and the PT strands. 

When the connection rotation reaches Event 2 (Point 2) in Figure 2.2(b), the angles 

start to yield, and the connection starts dissipating seismic energy, with the 

connection’s rotational stiffness being associated with the elastic stiffness of the PT 

strands, but also with the post-yield stiffness of the angles. After Event 2 the 

connection continues to rotate with a decreasing rotational stiffness due to the 

degradation of the stiffness component associated with the angles. At Point 3 angles 

become fully plastic and the behaviour of the connection becomes linear-plastic up to 

Point 5, where the strands will yield. However, the PT strands must be designed to 

remain within their elastic limit, for the targeted connection rotations. Yielding of the 

strands would eventually lead to building collapse, due to the lack of shear 

transmission capability. Upon loading reversal, and given that the strands are elastic, 

the connection begins to unload until the gap closes, at Point 8. The sign of the moment 

at Point 8, determines whether the system has self-centering capability or not. If the 

moment is positive, the system achieves a self-centering behaviour; If it is not, the 

system is not fully self-centering, and residual deformations remain after the 

earthquake ceases.  

In order to ensure that no residual drifts remain after the end of a seismic event, several 

researchers have sought a correlation between the characteristics of the flag-shaped 

hysteresis of the self-centering connections and the full self-centering capability of the 
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structural system. Macrae and Kawashima (1997) first identified a propensity for self-

centering in elastic-plastic hardening systems with no explicit self-centering 

component. Several researchers followed, and a strong correlation between the post-

yield stiffness of a SC-MRF and the residual deformations was identified. The findings 

proved that by increasing the post-yield stiffness of the system, a decrease in the 

residual IDRs could be achieved.  

Capitalizing on the latter findings, Eatherton and Hajjar (2011) investigated the 

performance of self-centering connections and provided an explicit relationship 

between the recentering force of these connections and the self-centering capability of 

an SC-MRF. According to them, a restoring force that is at least one-half of the force 

required to yield the dissipative components of the connections will reliably eliminate 

residual IDRs, in a non-softening system.  

In addition to the fact that self-centering systems can virtually eliminate residual IDRs, 

several studies have shown that they exhibit the same peak earthquake response with 

their conventional counterparts (Wiebe and Christopoulos, 2009). Christopoulos 

(2004) conducted analyses in single-degree-of-freedom (SDOF) systems. He showed 

that despite the fact that the flag-shaped hysteretic systems dissipate at most one-half 

of the energy dissipated by their equivalent elastoplastic systems per cycle, they will 

sustain maximum deformation demands similar to those of the full elastoplastic 

systems. In another study, Dimopoulos, Karavasilis, et al. (2013) conducted nonlinear 

time-history (dynamic) analyses in two-dimensional frame finite element method 

(FEM) models [multi-degree-of-freedom (MDOF) systems], simulating real EC8-

compliant steel buildings. They showed that the SC-MRFs had comparable peak 

storey drifts with their equivalent conventional MRFs under the same seismic 
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intensities. That resulted in the same beam and column sections for both systems, but 

essentially in damage-free beams for the SCMRF, for drifts even larger than those of 

the maximum considered earthquake [MCE; 2500 yrs return period or 2 % probability 

of exceedance in 50 years, according to ASC/SEI 7-10 (ASCE, 2013) and FEMA 450 

(FEMA, 2006)]. Seismic analyses showed that the SC-MRF practically eliminates 

residual storey drifts apart from the first storey which sustains small residual drifts due 

to plastic deformations at the column bases. Furthermore, the column bases of the SC-

MRF experience larger inelastic deformations than those of the conventional MRF. 

Another study from Lin, Sause and Ricles (2013) showed that SC-MRFs can be 

designed to be lighter than their conventional counterparts due to the reduced seismic 

forces, while providing damage-free performance. This fact offered the potential for 

more economical structural solutions.  

2.4 Rocking behaviour  

The common characteristic in the aforementioned self-centering structural systems is 

their rocking behaviour. The rocking motion of the connections enables a nonlinear 

elastic, softening, gap opening and closing mechanism (referred to as gap-opening 

mechanism). In this manner, the rocking behaviour transforms the yielding mechanism 

of the conventional connections into a hinging one, avoiding structural damage in the 

non-replaceable primary elements of the connections. Post-tensioning across the gap 

opening is usually employed to provide post-gap opening stiffness and self-centering 

capability, as the PT force acts to close the gap. On the other hand, rocking motion 

significantly decreases the lateral stiffness of the system, compared to its initial elastic 

stiffness. Thus, seismic forces and accelerations are reduced, enabling more 
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economical structural solutions and less non-structural damage. Coupled with yielding 

elements, this effectively limits the peak base overturning moment that can be 

developed.  

Although analytical studies related to the rocking phenomenon date back to 1885, it 

was not until 1963 that Housner (Housner, 1963) explained the “counter-intuitive” 

seismic stability of tall, slender rocking structures. Housner investigated the rocking 

motion of inverted pendulum type structures. He showed that the rocking oscillations 

of a rocking body are dissipative and nonlinear. This dissipative mechanism could be 

therefore used to attenuate the earthquake response. However, he identified that there 

was an instability risk attributed to the impact as the uplifting side of the rocking body 

comes down during each half-cycle. Makris (2014) notes that Housner’s work marked 

the beginning of a series of systematic studies on the dynamic response and stability 

of rocking structures, leading gradually to the development of the so-called rocking 

isolation.  

Following Housner’s work, Hayashi et al. (1999) inspected damaged buildings after 

the 1995 Hyogo-ken Nambu Earthquake. They concluded that buildings that had 

experienced uplifting in their foundations, i.e., they exhibited rocking response, had 

not suffered any structural damage.  

Eatherton 2010 mentions that rocking motion reduces seismic loading and ductility 

demands. He also says that there is anecdotal evidence of seemingly unstable large 

elevated tanks that survived earthquakes by rocking, while nearby more stable looking 

structures, were destroyed.  
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Roh and Cimellaro (2011) worked on the findings of previous researchers, who had 

conceptually shown that it would beneficial to reduce the stiffness and the strength of 

a building, defined as “softening” and “weakening”, in order to reduce the 

accelerations and control the displacements. Capitalizing on that idea, they replaced 

the conventional, fixed columns of a structure, with precast rocking columns in order 

to evaluate this technique. They have found that using rocking columns reduces the 

global yield strength of the structure and thus limits seismic accelerations. Moreover, 

the earthquake-induced forces in the weakened structures were found to be reduced, 

and a concurrent base shear reduction of about 30% was achieved.  

Observations in Japanese wooden houses following the 1995 Kobe earthquake, by 

Isoda et al. (2012), demonstrated that buildings permitting uplift of their foundations 

were found to suffer less damage than buildings that restrained rocking motion, 

attaining the expected design behaviour. They also concluded that buildings with the 

appropriate plan view arrangement of rocking joints, could achieve reduced base shear 

and interstorey drifts, compared to their conventional, fixed based counterparts.  

Makris (2014) summarizes the advantages of rocking motion, and emphasizes its 

potential when it is utilized in structural solutions, as a cost-effective isolation system. 

He describes the advances on the topic of structural rocking the last half-century, 

leading gradually to the development of rocking isolation, an attractive practical and 

economical alternative for the seismic protection of tall and slender structures. He 

notes that rocking isolation and its associated hinging mechanism originate from the 

mobilization of large rotational inertia and therefore no expensive devices should be 

employed to provide the isolation mechanism.  
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Chancellor et al. (2014) summarize the state-of-the-art for self-centering seismic 

lateral force-resistant systems, and highlight the significance of structural rocking in 

achieving their targets. They note that these systems reduce or prevent structural 

damage to non-replaceable structural elements by softening the structural response 

elastically, through gap opening mechanisms, instead of relying on yielding in primary 

structural elements. The gap opening mechanism capitalizes on the rocking motion of 

structural joints in order to achieve a cheap energy dissipation mechanism, decreases 

the lateral stiffness of the system, and therefore reduces the seismic forces and 

accelerations. At the same time, rocking motion helps eliminate structural and non-

structural damage and residual drifts. They note that in this manner, these systems can 

offer the potential for more economical structural solutions since they can be designed 

to be lighter than the conventional MRFs.  

2.5 Previous relevant studies on column bases  

2.5.1 General  

As seen from above, significant advances have been attained in the direction of 

resilient and sustainable structural systems. These advances though, mainly pertain to 

self-centering frames (either braced or MRFs) and to self-centering beam-column 

connections. On the other hand, very little research has been conducted in the 

development of novel column bases, despite their proved significance (Chapter 1) 

towards the structural resilience and sustainability of seismic-resistant buildings.  

This section summarizes the most recent findings in column base proposals for low- 

to high-rise steel and steel-concrete composite buildings, that have self-centering and 
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damage-free characteristics. Only column bases that can serve as moment connections 

are reviewed, because only these can provide a stiffness, strength and self-centering 

capability control mechanism. The seismic performance of these column bases is 

assessed against the resilience-based performance objectives of Section 1.4.   

2.5.2 Classification of recently proposed column bases  

Although the reviewed column bases are assessed against the resilience-based 

performance objectives of Section 1.4 and their ability to serve as moment connections 

in MRFs, in this research work they are classified with respect to employing the 

following characteristics: (a) Rocking behaviour; (b) Post-tensioning technology; (c) 

Pinned behaviour; (d) Energy dissipating fuses. Hence, the reviewed column bases are 

categorized as follows:  

 Pinned column bases with energy dissipating fuses  

 Rocking column bases with energy dissipating fuses  

 Post-tensioned column bases with rocking  

 Post-tensioned column bases with rocking and energy dissipating fuses  

The first category contains column base configurations that resemble a pin connection 

in order to avoid yielding, while employing EDs to dissipate seismic energy. The 

second category contains rocking column bases that capitalize on a gap opening 

behaviour in order to avoid yielding, while also employing EDs to dissipate seismic 

energy. The third category uses partially or fully unbonded steel rods or 

tendons/strands, in order to re-center a rocking column base to its initial plumb 

position. Lastly, the fourth category comprises column base proposals that are 
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enhanced versions of the third category, equipped with the addition of EDs, in order 

to provide energy dissipation.  

2.5.2.1 Pinned column bases with energy dissipating fuses  

Following the perhaps earliest damage-free and pinned column base of Clough and 

Huckelbridge (1977) and Hucklebridge (1977), Long and Bergad (2004) conducted 

both analytical and numerical studies on a column-hinge system. Their proposed 

column base was based on a similar column base scenario in reinforced concrete 

columns proposed by Cheng and Mander (1997), where detailed plastic hinges consist 

of a weakened portion of the column near its top and its bottom, allowed the yielding 

of these zones before the rest of the column is damaged. This design philosophy was 

termed by Cheng and Mander (1997) as Control and Repairability Damage (CARD). 

Figure 2.3 shows their overall experimental setup, as well as the details of their 

proposed hinge column base connection.   

(a) (b) 

Figure 2.3 (a) Overall experimental setup; (b) Detail of the hinge (Long and Bergad, 2004)  

 

As it can be seen from the aforementioned figure, in their work, they replaced the 

conventional column base, with a hinge connection (pin). Rotational stiffness and 



 

42 
 

moment resistance were provided by four steel threaded bars which were detailed to 

be easily replaceable when damaged. In this manner, the column base avoids the 

formation of a classical plastic hinge at the lower part of the column, while dissipating 

seismic energy and reducing the response of the column base through the yielding of 

the bars. By adjusting the level of the top plate and the characteristics of the yield 

bolts, their column bases achieve a stiffness and strength control mechanism. 

However, due to their small length, PT bars cannot avoid yielding and thus damage 

even for small base rotations, corresponding to small seismic intensities. Therefore, 

the bars cannot provide a restoring force in the column base so as to achieve a self-

centering behaviour, and hence the connection cannot mitigate residual drifts under 

small seismic events.  

2.5.2.2 Rocking column bases with energy dissipating fuses  

Takamatsu and Tamai (2005) and Takamatsu, Tamai and Yamanishi (2006) proposed 

an exposed column base with anchor bolts that were allowed to yield with an energy 

absorbing wedge device. Figure 2.4 shows the details of their column base.  

Figure 2.4 Concept, function and setup of the wedge device for non-slip-type exposed 
column base (Takamatsu, Tamai and Yamanishi, 2006)  
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The device consisted of a wedge supported against a fixed spring, and a counter 

wedge, which was placed between the wedge and the anchor bolt nut. The spring 

pushes the counter wedge to take up the slack upon the load reversal and thus avoid 

pinching phenomena.  

The authors conducted analytical and experimental studies. The results showed that 

the non-slip type of the fixed column bases was capable of achieving self-centering 

behaviour only for small base rotations. Depending on the buildings’ characteristics, 

those rotations could be even smaller than those imposed by the frequently occurred 

earthquake (FOE; 10% probability of exceedance in 10 years, equal to a mean return 

period of 95 yrs, according to BS EN 1998-1 2013). Hence, the proposed column base 

cannot provide self-centering capability for medium-to-strong earthquakes, and 

therefore could not provide a self-centering capability control mechanism.  

Furthermore, to achieve the theoretical performance of the column base, an ideal 

behaviour was assumed with respect to the function of the wedge. Therefore, the 

authors assume that the wedge will instantly fill the gap under the counter wedge and 

no pinching phenomena will occur. To justify their assumption, they assume that the 

thick base plate would not suffer deformations capable of inhibiting the wedge from 

moving instantly to fill the gap upon load reversal. They also assume that the wedge 

will resist the forces that push it outwards, due to the compression forces from the 

anchor bolt nut. To this end, the wedge and the counter wedge surfaces were shot-

blasted in order to increase their friction coefficients and resist the outward movement 

of the wedge, due to the nut compression. However, both above assumptions are 

supported against quasi-static experiments and not against dynamic ones. Further 
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investigation is therefore needed to substantiate the recentering behaviour of the 

wedge, and prove the non-slip type behaviour of the device, under dynamic loadings.  

Due to the limitations associated with the inherent propensity of the wedge to move 

outwards, specific levels of pre-tension can be applied to the anchor bolts. In addition, 

the form of the wedge device limits the number of the anchor bolts which are equipped 

with those devices. Both above characteristics inhibit the independent tuning of the 

connection’s strength and stiffness to the desired levels. Hence, the column base 

cannot provide a strength and stiffness control mechanism in order to allow for 

optimum design solutions.  

Midorikawa et al. (2006) studied yielding column bases that allowed rocking of steel 

frames. Figure 2.5(a) shows a plan view of their proposed column base.  

 

 

(a) (b) 

Figure 2.5 (a) Plan of the yielding base plate; (b) The rocking braced frame (Midorikawa et 
al., 2006)  

 

A half-scaled, three-storey, 1x2 bay, braced steel frame with a total height of 5.3 m, 

seen in Figure 2.5(b), was experimentally tested. Two types of column bases, with two 

different base plate thicknesses, were implemented to the frame. The frames were 
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tested in the record of 1940 El Centro NS component, scaled to different seismic 

intensities. The base plates yielded, allowing the frame to uplift, and dissipating 

seismic energy. The results of the experiments showed that the column base shears 

were reduced by up to 52%, compared to the fixed-base frames. The roof 

displacements were almost the same in both the fixed and the rocking frames. The 

effect of the vertical impact, associated with the column touchdown, was found to be 

small. Experiments also showed that being part of a braced frame, the proposed 

column base is provided with the necessary axial forces in order to straighten the 

plastically deformed base plate upon the loading reversal, and achieve self-centering 

behaviour, to different seismic levels. However, in the case of simple MRFs, these 

forces might be even smaller than the force needed to eliminate the plastic deformation 

of the yielded base plate, and no means to self-center the column base would be 

available. In this respect, the proposed column base does not provide an efficient 

mechanism under which the column base characteristics can be tuned to provide self-

centering capability in different seismic intensities. Moreover, by varying the 

thickness of the base plate, the column base can achieve to tune its strength and 

stiffness to different levels, but cannot achieve a full stiffness and strength control 

mechanism.  

Borzouie et al. (2015, 2016) proposed a rocking column base with a friction energy 

dissipating device. Figure 2.6 (a) shows the proposed column base and its basic 

components. Experimental and analytical studies were performed. The final results of 

the studies showed that the rocking base-friction connection can tolerate high levels 

of drift without significant strength degradation, although some stiffness degradation 

occurred. Moreover, the tests showed that the column base can withstand several 
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cycles to a drift of 4%, in strong and weak axis directions, without significant damage. 

However, the proposed column base could not achieve self-centering behaviour after 

specific drift levels, corresponding to different seismic intensities.  

 
 

(a) (b) 

Figure 2.6 (a) The proposed column base of Borzouie et al. (Borzouie et al., 2016); (b) 
Deformed geometry of the column base (Borzouie et al., 2015)  

 

2.5.2.3 Post-tensioned rocking column bases  

Chou and Chen (2010, 2011a; b) conducted both analytical and experimental studies 

to investigate the seismic response of a three-storey prototype steel building that uses 

SC-MRFs equipped with PT beam-column connections and PT column bases. Figure 

2.7(a) shows the elevation of the studied design of the SC-MRF subassembly 

experimental setup [denoted as PT frame in Figure 2.7(c)]. The SC-MRFs use open 

steel sections for the PT beams, and concrete filled steel tubes for the PT columns. 

Figure 2.7(b) shows a close-up view of the proposed PT column base that was studied.  

The seismic response of the SC-MRFs was investigated through shaking table tests. 

Monotonic and cyclic pushover analyses, along with nonlinear time-history analyses 

were also conducted in non-linear 3D models in order to study the effects of the PT 

column bases in the seismic demands of the frames under the DBE and MCE.  
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(a) (b) 

 
(c) 

Figure 2.7 (a) Elevation of the SC-MRF subassembly (PT frame) (Chou and Chen, 2011a); 
(b) Photograph of the experimental setup of the PT column base (Chou and Chen, 2011a); 

(c) Overall 3D representation of the experimental setup of Chou and Chen (2011b)   

 

The analytical findings demonstrated that the SC-MRFs had similar initial stiffness 

and maximum input energy to the MRFs. The peak IDRs of the SC-MRFs were larger 

than those of the MRFs. However, the PT column bases eliminated the residual IDRs 

in the first floor of the SCMRFs. Moreover, the seismic forces in the PT column bases 

were found to be significantly smaller than those of their conventional, fixed 

counterparts. The findings also showed that the PT column bases could not achieve a 

stiffness, strength and self-centering control mechanism. The reason for this is that 
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both the structural properties and the self-centering capability of the column base 

solely depend on the characteristics of the PT bars. Thus, only a narrow range of 

combinations between the moment resistance, the rotational stiffness and the self-

centering capability of the column base can be achieved. Consequently, only a narrow 

range of target connection performances can be achieved and therefore no optimum 

design scenarios are feasible. Lastly, the PT strands, running along the whole length 

of the columns, exhaust a part of the axial strength of the columns and cannot avoid 

column shortening.  

Yamanishi et al. (2012) proposed a column base that could provide a stiffness and 

strength control mechanism but not a self-centering control mechanism. Figure 2.8(a) 

shows the proposed column base.  

 
(a) (b) 

Figure 2.8 (a) the proposed column base; (b) the rotational stiffness (rigidity) control concept 
(Yamanishi et al., 2012)  

 

Unlike Chou and Chen (2011a) who have placed the PT bars inside the CFT column 

section, they have placed the bars outside the column section, anchored in the 

foundation and at an elevated thick steel plate. In this manner, they managed to provide 
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a stiffness and strength control mechanism, which could also achieve the independent 

tuning of the self-centering capability of the column base by adjusting the arrangement 

of the PT bars in the plan view. The concept of the rotational rigidity control can be 

seen in Figure 2.8(b). However, due to the small length of the PT bars, the column 

base yields in relatively small base rotations. That results in a pinching effect in the 

hysteretic behaviour of the column base, during which the connection exhibits zero 

rotational stiffness. This effect is unfavourable towards the seismic performance of the 

column base. In addition, due to the yielding of the PT bars, the column base is unable 

to achieve a self-centering control mechanism.  

2.5.2.4 Post-tensioned rocking column bases with energy 

dissipating fuses ………..……...… 

Ikenaga et al. (2006) proposed an innovative column base for open steel sections. The 

column base was attached to the foundation through a post-tensioned steel bar, 

anchored at the bottom of a steel grade beam (playing the role of the foundation), and 

at an elevated steel plate, welded horizontally within the flanges of the column. 

Yielding steel plated dampers were bolted at the grade beam and at the two flanges of 

the column through specially slotted holes. The dampers dissipate seismic energy and 

provide additional moment resistance and rotational stiffness to the connection. Figure 

2.9(a) shows the proposed connection and Figure 2.9(b) its nonlinear model.  

They performed static pushover and dynamic analyses to investigate the self-centering 

behaviour and the energy dissipation characteristics of the connection. The results of 

the analyses confirmed their initial hypotheses; by modifying the characteristics of the 

steel bars (i.e., cross-sectional area, length, and yield strength), and also their initial 
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pre-tension, the self-centering capability could be independently tuned to different 

seismic intensities, with respect to the structural properties of the connection. 

Moreover, the dampers were found capable of dissipating seismic energy and thus 

reducing the seismic forces.  

 
 

(a) (b) 

Figure 2.9 (a) The innovative column base; and (b) the idealized nonlinear model [after 
Ikenaga et al. (2006)]  

 

However, due to the limitation in the applicable length of the PT bars, self-centering 

capability could only be achieved for small seismic intensities. Thus, the column base 

cannot provide a wide range of self-centering capability and hence a self-centering 

control mechanism. Furthermore, due to restrictions associated with the limited plan 

view arrangements of the PT bars within the column flanges, a limited number of 

combination between the self-centering capability, the rotational stiffness, and the 

moment resistance, can be achieved. Hence, the proposed column base cannot 

guarantee an optimum target connection performance (according to Section 1.1) for a 

wide range of seismic intensities. In addition, it could not be accommodated in steel 

or steel-concrete composite tubes, and hence the applicability of the column base was 

limited to open steel sections. Interaction with axial force should be considered due to 
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the enhanced axial stresses to the lower part of the column, as a result of the post-

tensioning forces in the PT bars. That is to avoid column axial shortening and 

premature exhaustion of its axial capacity.  

Chi and Liu (2012) altered the formation of the column base proposed by Ikenaga et 

al. (2006), in order to achieve both self-centering and stiffness and strength control 

mechanism. Figure 2.10(a) shows the configuration of the proposed PT column base, 

and Figure 2.10(b) the details of the fuse device that uses.  

 

(a) (b) 

 
(c) (d) 

Figure 2.10 (a) Configuration of the PT column base; (b) Buckling restrained steel plate 
details; (c) Plan view of the SC-MRF Prototype building; and (d) Elevation of the Prototype 

SC-MRF building. Figures after Chi and Liu (2012)  
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In order to achieve self-centering capability even under the MCE, they provide PT 

bars that were long enough such that they avoid yielding for large base rotations. That 

became feasible by employing a supplementary underground storey, and thus 

anchoring the PT bars between the half-height of the first storey columns, to close to 

the bottoms of below-grade columns of the SC-MRFs [Figure 2.10(c)], as seen in 

Figure 2.10(d).  

Their proposed column base attains the independent tuning of the self-centering 

capability, the moment resistance and the rotational stiffness of the connection. 

However, similarly to the work of Ikenaga et al. (2006), the restrictions associated 

with the plan view arrangement of the PT bars, limit the feasible combinations of the 

above three behavioural properties. Hence, their proposed column base achieves a 

resilient structural behaviour for a limited range of base rotations and therefore cannot 

facilitate optimum, resilience-based building design solutions.  

Tait, Sidwell and Finnegan (2013) in their work they describe the implementation of 

a column base with damage-free and self-centering characteristics in a real 15-storey 

steel apartment building in Wellington, New Zealand, by Aurecon NZ Ltd. As reported 

by Gledhill, Sidwell and Bell (2008), the specific column base was initially developed 

by Connel Wagner, as part of a damage avoidance system developed for application 

in high-rise steel buildings. The developed system utilised research conducted by 

HERA (Clifton, 2005) and the University of Auckland, New Zealand. Subsequently, 

the system was utilised in the Fairlie Terrace Student Accommodation Project, in the 

Victoria University of Wellington, New Zealand. The aforementioned column base, 

seen in Figure 2.11, is actually an implementation of the “Self-Centering Sliding 

Hinge Joint” beam-column connection scenario of Khoo et al. (2012, 2013) in a base 
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connection. Their proposed configuration is a rocking connection equipped with PT 

bars that are anchored at a steel grade beam and at the top of a Ringfeder spring, known 

as a friction spring. Filiatrault, Tremblay and Kar (2000) were from the first who 

utilized the Ringfeder spring as the key component to dissipate seismic-induced 

energy in a seismic damper that they proposed.  

 

Figure 2.11 Three-dimensional representation of the column base developed by Connel 
Wagner in collaboration with the University of Auckland, NZ (Tait, Sidwell and Finnegan, 

2013)  

 

In the base connection in question, the frictions springs are suppressed with the initial 

post-tensioning force of the PT bars because they are connected in series with them, 

and thus provide the connection with an initial moment resistance. Once the 

earthquake-induced overturning moment reaches the value of the aforementioned 

initial moment resistance, a gap opens and the connections starts to rock. According 

to the findings of Khoo et al. (2012, 2013), who conducted both experimental and 

analytical studies on the Sliding Hinge Joint, the column base connection can provide 
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recentering forces up to a specific level of seismic intensity; after this level, the PT 

bars running through the ring springs yield, and the connection undergoes residual 

deformations. Hence, the column base connection cannot achieve a self-centering 

control mechanism.  

2.6 Summary  

This chapter provided a literature review on existing column bases with self-centering 

and damage-free characteristics that have been recently proposed. These column bases 

exhibit good structural behaviour but have also certain disadvantages. On the basis of 

this literature review, it was identified that an optimum resilient column base scenario 

should provide the capability for the independent tuning of its self-centering 

capability, its rotational stiffness, and its moment resistance. Thus, the column base 

will offer the desired design flexibility and allow designers to achieve the desired 

damage-free and self-centering behaviour under different seismic intensity levels.  

Equation Chapter (Next) Section 1  
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Chapter 3  

3 DAMAGE-FREE SELF-CENTERING 

COLUMN BASE  

3.1 General  

This chapter presents the proposed damage-free, self-centering rocking column base 

for earthquake-resilient steel buildings. The performance objectives of the column 

base are first explained. A thorough description of the column base is presented, 

explaining in parallel the way the novel column base was arrived at. The expected 

behaviour of the novel column base is then described and analysed. The theoretical 

equations that describe this behaviour are presented to construct an analytical model. 

Based on the latter model, a step-by-step design procedure is proposed to design the 

basic components of the column base, identify its limit states, ensure self-centering 

behaviour and adequate energy dissipation, and predict its hysteretic response. The 

construction process of the novel column base is presented and practical 

implementation scenarios are proposed.  
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3.2 Performance objectives of the novel column 

base  

The proposed column base aims to address the deficiencies of the conventional column 

bases and their unfavourable effects on the seismic response of earthquake-resistant 

steel buildings, offering enhanced earthquake resilience when it is used in these 

buildings. To achieve this target, the proposed column base is designed to attain the 

resilience-based performance objectives of Section 1.4, against which is assessed in 

Chapters 3, 4 and 5.  

3.3 Description of the novel column base  

3.3.1 General  

This section describes the novel column base in parallel with elaborating on the 

process and philosophy under which the proposed configuration was arrived at. The 

process involves the steps through which the novel typology was devised, while the 

philosophy determines the tools and the mechanisms that were utilised in order the 

proposed configuration to optimally achieve the resilience-based performance 

objectives of the previous section. From these tools and mechanisms, some were 

derived from the existing column bases presented in Chapter 2, others were derived 

from existing literature that is presented in the next sections, while others were devised 

by the author. However, none of these tools and mechanisms can achieve a specific 

performance objective acting by itself. On the contrary, all the targeted performance 

objectives are achieved by combining the distinct performances of these tools and 
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mechanisms so as to act as a whole. It is exactly for that very reason that the real 

novelty of the proposed column base essentially lies in the way that these tools and 

mechanism are combined and utilised in the final typology of the proposed column 

base, and not so much on whether these tools and mechanisms are novel or not by 

themselves. In turn, it is due to this novelty that the proposed column base can offer a 

unique and adaptive earthquake-resilient performance with characteristics that no 

other column base connection offers at the present time of this research. The rationale 

for the utilisation of the aforementioned tools and mechanisms, and also for the way 

that these were combined and complemented with one another to attain the targeted 

performance of the final column base configuration, is also thoroughly explained in 

the next sections.  

It is noted that special care was taken so that the basic components of the novel column 

base, and the tools and mechanisms that they represent, be presented in a clear and 

logical fashion so that the reader can easily understand the way that they function as 

integral parts of the connection towards achieving a specific overall column base 

performance, and also as individual contributions towards achieving one or more 

column base performance objectives. Therefore, the basic components of the novel 

column base are those the performance of which is directly and inextricably linked to 

the attainment of one or more of the resilience-based performance objectives of the 

column base; this means that if – for example – a basic component as such is excluded 

from the column base, the relevant performance objective(s) will not be achieved, 

regardless to whether this is the only component needed for this attainment, or others 

are needed as well. For the above reason, the basic components of the novel column 

base are described in distinct sections. However, within each of these sections, 
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reference is also made to all those other components with which the main component 

of each specific section interacts to achieve the relevant resilience-based performance 

objectives.  

3.3.2 Proposed typologies  

Figure 3.1 shows a three-dimensional (3D) representation of one of the two different 

typologies of the novel column base that is proposed in this research work.  

 

Figure 3.1 Three-dimensional representation of the proposed column base with 8 WHPs 
[figure designed in SketchUp (Trimble, 2016)]  

 

The configuration of Figure 3.1 uses 4 pairs of cylindrical steel pins with hourglass-

shaped bending parts – called web-hourglass shape pins (WHPs), one in each of its 

four sides (i.e., 8 WHPs in total), and 4 high-strength steel PT tendons or strands, 

referred to as PT tendons (or ERs). The column base typology with the 8 WHPs resists 

overturning moments and dissipates seismic energy in both loading directions, i.e., in 
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the X and Y axes, where X axis is the strong axis of the column and Y its weak axis. 

The exact roles of the WHPs and PT tendons are explained in detail in the next 

sections. For visualization purposes, different components (parts) of the novel column 

base are represented by different colours. However, this colour representation is not 

necessarily reflective of the different materials of the connection’s components.  

Figure 3.2 shows a 3D representation of the second typology of the novel column base.  

 
  

Figure 3.2 Three-dimensional representation of the proposed column base with 4 WHPs 
[figure designed in SketchUp (Trimble, 2016)]  
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The typology of Figure 3.2 is identical to that of Figure 3.1, using again 4 high-strength 

PT tendons, but with the difference that it uses 2 pairs of WHPs in the two opposite 

X-axis sides (i.e., the sides facing the X-axis) of the novel column bases, i.e., a total 

of 4 WHPs. As a result, this second typology resists overturning moments in both 

loading directions but dissipates seismic energy essentially in one (i.e., in the X-

direction). However, it is less complicated and uses less materials and therefore it is 

more applicable and cheaper, respectively.  

Figure 3.3 to Figure 3.10 show an elevation, selected cross-sections and details of the 

novel column base with the 8 WHPs, having an open steel section to serve as the 

column (member). Tubular steel or steel-concrete column sections can also be 

accommodated to enhance the applicability of the proposed column base (Section 3.2).   

Figure 3.3 Elevation 1 of the novel column base (bar scale in millimetres)  
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(a) 

 
(b) 

Figure 3.4 Horizontal cross-section A-A (a) and Horizontal cross-section B-B (b) of the novel 
column base (bar scale in millimetres)   
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(a) 

 
(b) 

Figure 3.5 Horizontal cross-section C-C (a) and Horizontal cross-section D-D (b) of the novel 
column base (bar scale in millimetres)  
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Figure 3.6 Vertical cross-section 2-2 of the novel column base (bar scale in millimetres)  
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Figure 3.7 Vertical cross-section 3-3 of the novel column base (bar scale in millimetres)  
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Figure 3.8 Detailing in the area of the ER holes at the base plate (Detail 1 of Figure 3.6)  

 

 

Figure 3.9 Detailing in the area of the ER holes at the anchor stand (upper anchorage of the 
ERs: Detail 2 of Figure 3.6)  

 

 

Figure 3.10 Detailing in the area of the column foot leaning edge and shear bumpers (Detail 
1 of Figure 3.7)  
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3.3.3 The WHPs  

The novel column base utilizes the WHPs to play the role of the EDs (i.e., the structural 

fuses) of the proposed connection and thus mitigate the design seismic forces and 

accelerations. As such, the novel column base aims to achieve the energy dissipation-

related performance objective of Section 1.4. The WHPs were purposefully selected 

because of their superior seismic performance and fracture capacity, which were 

proved after extensive research on PT beam-column connections (Dimopoulos, 

Kamperidis, et al., 2013; Dimopoulos, Karavasilis, et al., 2013; Vasdravellis, 

Karavasilis and Uy, 2013a, 2013b, 2014; Vasdravellis et al., 2014).  

As it can be clearly seen in Figure 3.6, the WHPs are inserted in aligned holes, drilled 

on vertical steel plated elements, welded on the top face of the base plate (Figure 3.7), 

named supporting plates, and on plated elements welded on the four sides of a concrete 

filled tube (CFT), named web plates. Energy is dissipated in the column base through 

the inelastic bending of the WHPs, having an optimized hourglass shape (Figure 3.11) 

with enhanced fracture capacity (Vasdravellis, Karavasilis and Uy, 2013b, 2014).  

 

Figure 3.11 Photograph of a single WHP (Kamperidis, Karavasilis and Vasdravellis, 2015)  
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WHPs are easily replaceable if damaged, as it has been shown from experiments 

(Vasdravellis, Karavasilis and Uy, 2013b), and thus contribute in the repairability and 

deconstructability of the novel column base (Section 1.4).  

3.3.4 The rocking column foot  

The CFT was devised so as to contribute both to the damage-free and self-centering 

behaviour of the novel column base, aimed according to the relevant resilience-based 

performance objectives of Section 1.4. In particular, the CFT serves as the column 

foot and, through this, aims to achieve the following three intends: (a) to protect the 

column from exhaustion of its axial compressive capacity, thereby enhancing its 

rotation capacity and thus its seismic performance and damage-free behaviour; (b) to 

avoid axial shortening in the portion of the column where the large axial forces from 

the column and the PT tendons are applied, providing as such a consistent and reliable 

self-centering behaviour; and (c) to form a strong rocking connection, aiming at a 

reliable and adaptive and self-centering mechanism that can avoid the yielding type of 

failures of the conventional column bases, complementing as such the previous two 

intends. The above demonstrate that what was reported in a general manner for all the 

basic parts of the novel column base in Section 3.3.1, applies also for the CFT itself, 

in the sense that its three main intends are not independent from one another, but 

complementary interrelated to attain the targeted resilience-based performance 

objectives. The following paragraphs explain in detail the rationale based on which 

the CFT is expected to achieve the above three intends, and thus how and why it helps 

the novel column base to attain its damage-free and self-centering performance 

objectives.  
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First, the CFT receives the large axial forces exerted by the column and the PT 

tendons, and transfer them – through the base plate – to the concrete foundation; the 

base plate in turn, receives the loads from the column foot and spreads them evenly 

into the weaker concrete foundation material, minimizing the likelihood of concrete 

failures. Thus, the CFT helps the column to avoid exhaustion of its axial compressive 

capacity due to its superior axial compressive strength compared to steel (open and 

hollow) column sections (BS EN 1994-1-1, 2009; Aslani et al., 2015; Uy et al., 2016). 

On the other hand, by avoiding to load the column member with the large PT forces, 

the CFT helps the column to achieve an increased rotation capacity compared to that 

of a conventional fixed base column, and to that of a corresponding PT column 

member (e.g., like in the case of the PT columns of Chapter 2). This is due to the 

findings of a recent study by Newell and Uang (2008) who report that increasing the 

axial loading ratio (i.e., axial force demand over axial force capacity) of a column 

subjected in combined axial loading and double-curvature bending (which is the 

common practice for bottom-storey columns under seismic loading), generally 

decreases its rotation capacity.  

Second, the CFT helps the column to avoid axial shortening and plastifications. That 

is due to the findings of a recent study by Garlock, Ricles and Sause (2005), according 

to which axial shortening and plastifications in PT connections can lead to loss of post-

tensioning force, thus affecting the performance of the column base. In addition, the 

compression toe of the CFT possesses a superior strength compared to the 

corresponding compression toes of open or hollow steel column sections, for the 

reasons explained above. In this regard, the CFT ensures a consistent and reliable self-
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centering behaviour for the novel column base, avoiding structural damage at the 

compression toe of the CFT and the column.  

Third, the idea of using the CFT as the column foot of the novel column base was also 

based on the concept of an armored rocking interface in PT beam-column connections, 

as that suggested by the so-called damage avoidance design (DAD) approach. The 

armored column foot is intended to contribute to a self-centering mechanism in the 

base connection and also to enhance its damage-free behaviour. DAD was first 

proposed by Mander and Cheng (1997) in their work on bridge piers. Subsequently, 

more researchers considered DAD not only for bridges (Mander, 2004), but also for 

wall buildings (Holden, Restrepo and Mander, 2003; Ajrab, Pekcan and Mander, 

2004; Hamid and Mander, 2010, 2014), for precast concrete frame buildings (Chase 

et al., 2005; Bradley et al., 2008; Li, Mander and Dhakal, 2008; Rodgers et al., 2008, 

2012), and for steel buildings (Mander et al., 2009; Rodgers, Mander and Chase, 

2011). DAD arrived as the logical extension of the so-called low-damage structural 

system philosophy, which was implemented in jointed precast seismic structural 

systems (PRESSS) by Priestley et al. (1999). According to DAD, armoring the rocking 

interface of PT connections can help a low-damage structural system to minimize its 

residual drifts, reduce its structural and nonstructural damage, provide sufficient 

energy dissipation, and retain its recentering attributes. As such, the CFT was 

purposefully selected as the upper part of an armored rocking interface, because of its 

inherent resistance towards local failures and inelastic deformations (BS EN 1994-1-

1, 2009), especially when compared to an open cross-section steel column rocking 

foot, the lower part of which comprised the base plate. More specifically, the 

aforementioned steel-steel rocking interface, herein simply referred to as rocking 
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interface, is formed between the top face of the base plate, serving as the upper contact 

surface of the rocking interface, and the bottom face of the horizontal steel plate 

welded at the bottom of the CFT, referred to as foot end plate (Figure 3.7), which 

serves as the lower contact surface of the rocking interface. In this regard, the rocking 

interface, complementing the function of the PT tendons (the role of which is 

thoroughly explained in Section 3.3.5 below), helps the novel column base to ensure 

a self-centering behaviour that can be tuned to different seismic intensities. In parallel, 

the rocking interface replaces the yielding mechanism of the conventional column 

bases with a damage-free gap opening and closing mechanism, capitalizing on the 

inherent damage-free characteristics of rocking connections described in Section 2.4. 

Thus, the CFT further contributes in the damage-free behaviour of the column base, 

complementing the intend of (a).  

3.3.5 The post-tensioned tendons and the steel ducts  

This section describes the main role of the PT tendons and their companion steel ducts 

in the novel column base. The main role of the PT tendons is to provide a recentering 

force to the novel column base, controlling its rocking motion, and thereby ensuring 

its self-centering behaviour. However, and despite the fact that the function of the PT 

tendons consists the basic recentering attribute of the novel column base, as mentioned 

above, the function of other basic components is required so that the self-centering 

behaviour of the column base be feasible. These other basic components are the 

following: the CFT, described in the previous section; the anchor stand, which will be 

described in the next section; and the steel ducts, which are described next in this 

section. As such, the combination of the functions of the aforementioned components 
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attains the self-centering performance objective of Section 1.4. The following 

paragraphs elaborate on the certain configuration and function of the PT tendons and 

steel ducts.   

In Figure 3.4, four 34 mm diameter, high-strength steel multi-wire strands (i.e., the PT 

tendons referred in Section 3.3.2), are placed symmetrically about the centre of gravity 

of the column (CG) [Figure 3.4(b)]. Steel multi-wire strands were used because of 

their excellent strain capacity (Garlock, Ricles and Sause, 2005) compared to simple 

steel rods. However, simple steel rods can also be used in cases that they can serve the 

target performance demands of the novel column base, e.g., for smaller minimum 

required length of the tendons, as it will be shown in Step 2 of Section 3.6 below. The 

tendons are anchored at an elevated steel plate, named anchor stand, and down to the 

bottom of the building’s foundation, running unbonded through steel ducts (Figure 

3.6). The tendons are post-tensioned and thereby clamp the column foot to the base 

plate, providing stiffness, strength and self-centering capability. The post-tensioning 

is accurately implemented following the specifications of VSL International Ltd 

(2013). The special anchoring detailing at the lower ends of the tendons (Figure 3.6) 

renders them fully demountable, allowing easy deconstruction and enabling 

sustainable structural solutions, as intended by the relevant performance objectives of 

Section 1.4.  

The concept of the unbonded tendons inside steel ducts which are not grouted is not 

novel. As mentioned in Chapter 2, the aforementioned concept was introduced in 

precast concrete structures (Kurama et al., 1999; Priestley et al., 1999) in order to 

reduce cracking and delay the yielding of PT tendons, bars, or strands. Subsequently, 

more researchers employed the same concept in PT concrete (Guo et al., 2016) and 
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PT steel-concrete composite columns (Chou and Chen, 2010, 2011a; Guerrini et al., 

2015).  

Compared to the aforementioned cases, where the unbonded tendons run along the 

member’s length, in the novel column base the unbonded tendons are placed within 

the concrete foundation inside steel ducts. In the past, special moment column bases 

with unbonded anchor bolts located within sleeves, have also been recommended by 

structural codes like AISC in special cases (Fisher and Kloiber, 2006; AISC 341, 

2010). More specifically, machinery bases and certain columns may require close 

alignment of the anchor rods, and thus oversized sleeves can be used to provide 

flexibility in the rod so that it can be adjusted to fit the machinery base connection. In 

addition, certain building column bases may subject the anchor rods to fatigue. In this 

case, pre-tensioning the anchor rods may improve their fatigue life, and for that 

purpose, steel sleeves are used to implement the anchor bolts pre-tensioning. However, 

from the above it is clear that in all cases the sleeves were employed for different 

reasons rather than providing the PT tendons with adequate unbonded length so that 

they leverage their axial flexibility and thus achieving and maintaining a recentering 

action for all possible column base performances. Therefore, the novel column base 

innovates in that it may uses a mechanism similar to an existing one, but it uses that 

mechanism for a different reason and with a different intend.  

As it can be seen from the previous paragraphs, by selecting a specific level for the 

anchor stand and for the lower anchorage of the PT tendons, one can create adequate 

space for the accommodation of an adjustable unbonded length for the PT tendons in 

the novel column base. The unbonded length of the PT tendons (determined in Section 

3.6 below) is the main parameter that determines the length of their companion steel 
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ducts (within the concrete foundation) and even the form of the column base 

implementation scenario that will be used, as it will be shown below in Section 3.8. 

Capitalizing on the capability for an adjustable unbonded tendons’ length, in 

combination with selecting an appropriate yield strength for their material, the yield 

strain capacity of the PT tendons can be tuned to a desired level. This level is 

determined by the base rotation demand of the novel column base, expressed by the 

so-called target base rotation, θt, with the base rotation, θ, being the relative rotation 

that occurs between the base plate and the foot end plate, as defined in Figure 3.13. θt 

is determined according to Section 5.3.3.2 and is related to pre-defined design peak 

interstorey drift limits (θs,max) of the prototype building design case of Section 5.3.3, 

for the adopted target building performance. As such, the PT tendons can avoid 

yielding while being elongated during the rocking motion of the novel column base 

for base rotations up to θt, and thus can provide an adaptive self-centering behaviour 

to the novel column base.  

3.3.6 The anchor stand  

The scenario of the elevated anchorage of the PT tendons was based on the relevant 

scenario of AISC Steel design Guide 1 (Fisher and Kloiber, 2006), where preloaded 

anchor bolts are suggested to be anchored on an elevated steel plate as a means of 

providing increased moment resistance with enhanced anchor bolt strain capacity to 

exposed steel column bases. Later, Yamanishi et al., 2012 adopted a similar elevated 

steel plate in their proposed steel tubular column base (refer to Chapter 2) in order to 

independently tune its strength and rotational stiffness to different (target) levels, by 

adjusting the level of the elevated plate and modifying the characteristics of unbonded 
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PT anchor bolts. Capitalizing on the findings of the above works, the elevated steel 

plate adopted in this study for the upper anchorage of the PT tendons, referred to as 

anchor stand (Figure 3.3), aims at achieving four intends which pertain both to the 

base columns and the novel base connections. The following paragraphs elaborate on 

these four intends and how the anchor stand is expected to achieve them.  

First, as it was shown in past research (Yamanishi et al., 2012 - Section 2.5.2.3), 

placing the anchor stand in different levels, the strength and rotational stiffness of the 

novel column base can be independently tuned to different (target) levels. On the other 

hand, the geometry of the anchor stand can also affect the strength and the stiffness of 

the novel column base. That is because by modifying the length and the width of the 

anchor stand, the novel column base offers flexibility in the plan view arrangement of 

the PT tendons outside the perimeter of the column section and thus flexibility in the 

selection of their lever arms. The lever arms of the PT tendons are defined as the 

horizontal distances of the centres of the tendons from the centre of rotation (COR), 

as seen in Figure 3.13. In turn, and as it will be shown below (Section 3.5), enabling 

the capability for selecting appropriate lever arms for the tendons, the anchor stand 

offers an additional means for the independent tuning of the rotational stiffness and 

strength of the novel column base. Capitalizing on the above strength and stiffness 

control mechanisms and selecting appropriate length (as reported above) and material 

strength for the tendons, the novel column base can also achieve self-centering 

capability for different target connection performances, i.e., a self-centering control 

mechanism. Thus, the anchor stand serves as a basic means for providing the novel 

column base with a strength, stiffness and self-centering control mechanism.  
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Second, allowing the anchorage of the upper ends of the tendons on the top of the 

anchor stand and not on the top of the PT columns, as it is the case in the majority of 

the existing PT column bases with self-centering and damage-free characteristics 

(refer to Chapter 2), the base columns avoid receiving the large PT forces from the 

tendons and thus avoid axial shortening and axial capacity exhaustion, as it was 

described above in Section 3.3.4. In this manner, the anchor stand affects the strength 

of the base columns.  

Third, by adjusting the level of the anchor stand, the stiffness of the base columns can 

also be tailored. The presumption of the validity of this mechanism was based on the 

work of Yamanishi et al. (2012), where their column base which employed an anchor 

stand with a function similar to that of the novel column base, could adjust its stiffness 

by appropriately modifying the level of the anchor stand. Subsequently, this study 

proved that the aforementioned presumption can be safely extended to the novel 

column base (Section 5.6.4). In fact, this is reasonable since the level of the anchor 

stand determines the ratio of the CFT height, LCFT, over the total height of the base 

column, hbase, which in turn affects the total stiffness of the latter. That is because the 

total stiffness of a base column is a function of the rotational stiffness of the novel 

column base and the flexural stiffness of the column. Hence, given the fact that the 

latter two stiffnesses depend on the height of their corresponding components, the total 

stiffness of a base column depends on the LCFT/hbase ratio, and thus on the level of the 

CFT for a given hbase.  

Fourth, by being the interconnecting link between the CFT and the column, the anchor 

stand allows the connection of the novel column base with columns of different cross-

sections and materials. The above demonstrates the crucial role of the anchor stand 



 

76 
 

towards the applicability of the novel column base in various types of earthquake-

resistant systems.  

Towards attaining the above intends, the anchor stand must avoid inelastic bending 

and plastifications due to the aforementioned large PT forces. To this end, the anchor 

stand is strengthened with steel stiffeners – named anchor stand stiffeners – as seen in 

Figure 3.3 and Figure 3.6. By avoiding inelastic deformations in the anchor stand, 

unfavourable pinching hysteretic behaviour (Baber and Noori, 1985; Mostaghel, 1999; 

Mostaghel and Byrd, 2000; Zeynalian, Ronagh and Dux, 2012) and strength and 

stiffness degradation of the column base is also avoided. Thus, the novel column base 

attains a stable and repeatable hysteretic behaviour which is desirable for seismic-

resistant structures. That is because a behaviour as such it has been proved to reduce 

the financial losses associated with earthquakes, and thus to increase structural, 

economic and social resilience to major earthquakes (Rodgers et al., 2016).  

Overall, the anchor stand plays a very important roles on the attainment of a strength, 

stiffness and self-centering control mechanism for the novel column base, while, on 

the other hand, can affect the stiffness and strength of the base columns and thereby 

the overall structural response of the building. The above demonstrate the way the 

anchor stand contributes in the attainment of the relevant resilience-based performance 

objectives of Section 1.4.  

3.3.7 The shear bumpers  

Shear is resisted in the novel column base both through friction in the rocking interface 

and also with steel elements, bolted on the top face of the base plate against the four 

side faces of the CFT, named shear bumpers, as it can be seen in Figure 3.10. Thus, 
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the shear bumpers play the role of the shear key of the novel column base, but being 

bolted outside the perimeter of the CFT avoid interlocking with it during its rocking 

motion. Figure 3.12 shows a close-up 3D representation of a shear bumper.  

 

Figure 3.12 Close-up 3D representation of one shear bumper, bolted on the top of the base 
plate right next to the CFT [figure designed in SketchUp (Trimble, 2016)]  

 

As seen from Figure 3.12, the shear bumpers consist of a horizontal steel plated 

element, called shear bumper horizontal part, and from an inclined plated element 

welded on the top of the horizontal part, called shear bumper inclined part. Shear 

forces are expected to be resisted by the horizontal part, while the inclined part allows 

for the unobstructed rocking of the CFT for base rotations up to θt (see Figure 3.10). 

The connection of the two parts is reinforced with stiffeners welded on the two parts 

[Figure H. 1(b)]. The shear bumpers are designed to remain elastic throughout the 

whole cyclic response of the novel column base, thus contributing to its damage-free 

behaviour. Furthermore, by being bolted on the base plate, the shear bumpers avoid 

field welding, can be easily removed to enable the easy inspection of the compression 
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toes of the foot end plate, and also facilitate the deconstruction of the novel column 

base. As such, the shear bumpers contribute to the relevant resilience-based 

performance objectives of Section 1.4.  

3.4 Hysteretic behaviour  

The expected response of the column base is derived based on the free-body diagram 

of Figure 3.13. The flexural behaviour of the column base is characterized by a gap 

opening and closing at the rocking interface of the column base under cyclic loading, 

and is provided by the main components of the column base. These components – seen 

in Figure 3.2 – are the following: (1) the rocking column foot (i.e., the CFT); (2) the 

PT tendons (ERs); (3) the structural fuses (WHPs); and (4) the shear bumpers. Each 

of these main components provides a specific basic response to the connection. In this 

regard, the overall structural response of the column base can be decomposed into the 

following basic responses:  

 The rocking motion of the column foot as a result of the gap-opening and 

closing that is developed in the rocking interface of the column base. The gap-

opening is shown with a yellow triangle in Figure 3.13.  

 The restoring response of the ERs under tension, to recover their initial, pre-

loaded length.  

 The energy dissipating behaviour of the WHPs.   

 The shear-resisting behaviour of the connection. This behaviour is controlled 

by the friction between the foot end plate and the base plate, and by the shear-

resisting action of the shear bumpers.  
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Figure 3.13 Free-body diagram of the deformed geometry of the novel column base  

 

The notation used in this work to represent the geometry of the novel column base and 

that of an open cross-section steel column (i.e., I- or H-section) welded on the top of 

the anchor stand, are given in Figure 3.14. Further explanation of the aforementioned 

notation can be also found in Appendix C.  
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Figure 3.14 Notation of the geometry of the novel column base with an open cross-section 
steel column  
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As seen from Figure 3.13, zu is the distance of the WHPs most distant from the COR, 

referred to as WHPus; zc is the distance of the centrally located WHPs, referred to as 

WHPcs; and zd is the distance of the WHPs closest to the COR, referred to as WHPds. 

According to the aforementioned figure, the COR is assumed to be at the rocking toe 

of the CFT, i.e., at the leaning edge of the foot end plate. The leaning edge of the foot 

end plate can be slightly chamfered to avoid stress concertation and thus plastifications 

(i.e., plastic deformations), as it can be seen in Figure 3.10. However, past research 

(Chi and Liu, 2012) has shown that plastic deformations at the sharp leaning edges of 

PT column bases with open column cross-sections serving as their column foots are 

of that magnitude that do not affect the behaviour of the connections and thus can be 

omitted for simplicity. The same conclusions, regarding the effect of sharp leaning 

edges on the total behaviour of rocking systems, were drawn from research on steel-

steel rocking toe interfaces in PT walls (Hamid and Mander, 2014), and from steel-

steel rocking toe interfaces in PT beam-column connections (Vasdravellis, Karavasilis 

and Uy, 2013a, 2013b). On the other hand, for design purposes in this study, the cross-

sectional depth of the CFT, denoted as hCFT (defined in Figure 3.13), it is taken equal 

to its width, and in turn equal either to the cross-sectional depth of the column, denoted 

as hcol, or to its width, denoted as bcol, whichever is larger. Thus, the length of the 

leaning edge of the column foot of the novel column base is always larger than or 

equal to the leaning edge of a PT column base which uses as its column foot the 

column cross-section of the novel column base [e.g. the PT column base proposed by 

Chi and Liu (2012), using the open cross-section column of Figure 3.7 as its column 

foot]. As a result, the contact surface of the rocking toe of the novel column base will 

always be larger than or equal to the corresponding surface in the PT column base with 
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the open cross-section column foot, for the same loading regime. Therefore, the plastic 

deformations of the novel column base will be fewer than or equal to those of the PT 

column base with the open cross-section column foot, and thus can be also omitted. In 

fact, the insignificance of the plastic deformations developed at the rocking toe of the 

novel column base is proved in Chapter 4 below (Section 4.2.3). Taking into 

considerations all the above, it is concluded that there is no particular reason to 

consider the chamfered leaning edges of Figure 3.10 in both the analytical (Section 

3.5) and the numerical (Chapter 4) modelling of the novel column base.  

zERu and zERd are the lever arms of the ERus and the ERds, respectively. ERus are the 

tendons that experience elongation, and ERds those that experience loss of their initial 

post-tensioning, T, in the side of the anchor stand that moves downwards as the column 

base rocks. To prevent ERds from buckling in compression under cyclic loading, these 

tendons are lacking underside nuts in their connection with the anchor stand, as seen 

in Figure 3.9. The absence of the underside nuts results in ERds becoming PT-free 

after a specific base rotation value is reached. FERu and FERd are the total forces 

developed in the ERus and ERds, respectively. FWHPu, FWHPc and FWHPd are the forces 

developed in the WHPus, WHPcs and WHPds, respectively. N, M and V are the design 

axial force, the design bending moment and the design base shear, respectively. C is 

the compression force developed at the rocking toe, equal:  

 WHPu WHPc WHPd ERu ERdC N F F F F F        (3.1) 

As seen from the free-body diagram, the main force components contributing to the 

moment developed in the column base, are the following:  
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1. The design axial force, N, assumed to be acting at the centreline of the column. 

N is at a distance hCFT/2 from the COR, referred to as eccentricity e (Figure 

3.14).  

2. The forces developed in the three WHP groups, FWHPu, FWHPc, and FWHPd. 

FWHPu is at a distance zu1, FWHPc at a distance zc, and FWHPd at a distance zd1 

from the COR.  

3. The PT forces FERu and FERd in the ERus and ERds, respectively. FERu is at a 

distance zERu and FERd at a distance zERd from the COR.  

Based on the above, the total column base moment resistance, M, is given by the 

relation:  

 N WHP ERM M M M     (3.2) 

where MN, MWHP, and MER are the moment contributions of N, WHPs, and ERs, 

respectively. These moment components will be explained in further detail later 

(Section 3.5).  

Two behaviour cases are identified for the novel column base: the first case, referred 

to as Behaviour Case 1 or for brevity as Case 1, indicates that ERus yield before the 

ERds become PT-free; the second case, referred to as Behaviour Case 2 or for brevity 

as Case 2, indicates that ERds become PT-free before the ERus yield. The yielding of 

the ERus is represented by the characteristic base rotation value θERu,Y, while the 

complete loss of the PT force at the ERds, by the rotation θERd,PTF. θERu,Y is defined in 

Equation (3.21) and θERd,PTF in Equation (3.24). Case 1 can be expressed by the 

relation:  
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 , ,ERu Y ERd PTF    (3.3) 

Case 2 can be expressed by the relation:  

 , ,ERd PTF ERu Y    (3.4) 

In order for the column base to achieve a self-centering behaviour (Section 3.2), 

tendons must always avoid yielding for the targeted rotations both in Case 1 and 2, i.e. 

,0 t ERu Y     . Based on what mentioned earlier in this section, it is also noted that 

no plastic deformations that can affect the behaviour of the column base are assumed 

to occur in its components, except for those of the WHPs.  

3.4.1 Behaviour Case 1  

Figure 3.15 shows the theoretical cyclic moment–base rotation behaviour (envelope) 

of the proposed column base in Case 1.  

 

Figure 3.15 Theoretical cyclic M-θ behaviour of the proposed column base in Case 1  
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For the first half hysteretic cycle, the response can be decomposed in 10 distinct 

phases. These phases are represented by the 10 branches of the graph, bounded by 9 

distinct points. Each of these points represents a different event which corresponds to 

a sudden change in the load-deformation response of the connection. The 

chronological sequence of these characteristic events follows the numerical order of 

Points 1 to 9 in the hysteretic backbone curve. The commencement and the ending of 

the loading during this first half-cycle, are represented by Events 0 and 10, which both 

coincide with the origin of the axes and thus are not shown. The events (and the 

phases) are qualitatively repeated on subsequent half cycles.  

Under applied moment, the column base initially behaves as a fully fixed connection, 

with initial stiffness similar to that of a conventional, fixed column base (Chou and 

Chen, 2010; Chi and Liu, 2012). Once the magnitude of the applied moment reaches 

the moment resistance due to the axial force and the initial post-tensioning force in the 

tendons, T, decompression occurs at Event 1, and the gap opens. For that reason, the 

moment at Event 1 is called decompression moment and is denoted as MD (Garlock, 

Sause and Ricles, 2007; Kim and Christopoulos, 2008; Chou and Chen, 2011a). After 

decompression at Event 1, the behaviour of the column base becomes non-linear 

elastic with rotational stiffness S12. Event 2 represents the first yielding at the WHPs. 

WHPus are the farthest WHP group, and thus yield first. The moment at Event 2 is 

denoted as MIGO. In past research (Garlock, 2002; Rojas, 2003), MIGO was associated 

with the imminent gap opening, which in this work is represented by MD. After Event 

2, M continues to increase with slope S23. At Event 3, WHPcs are the second to yield, 

and M continues to increase with slope S34. At Event 4, WHPds are the last (third) to 

yield, and M continues to increase with slope S45, up to Event 5, corresponding to θ5. 
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The reason the three WHP groups yield in the aforementioned sequence is explained 

in Section 3.5.2. Equations to calculate, θ2, θ3 and θ4, are also provided in the latter 

section. θ5 takes values between θ4 and θt. S12, S23, S34, and S45, are defined in Section 

3.5.4.1.  

Upon loading reversal, the column base begins to unload until the gap closes. When 

unloading commences both the WHPs and the ERus unload with approximately their 

elastic stiffness up to Point 6, while ERds recover a part of their initial post-tensioning, 

with also their elastic stiffness, KER, defined in Appendix D (Garlock, Ricles and 

Sause, 2003). ERus continue to unload with KER until the gap closes, where they finally 

recover their initial post-tensioning since they do not yield. Post-tensioning in the 

ERds continues to increase until it returns to T, upon gap closing. From Event 6 to 7, 

each WHPu unloads with its post-elastic stiffness, Kfp, while WHPcs and WHPds 

unload with their elastic one, Kfe. Kfe and Kfp are defined in Appendix B. From Event 

7 to 8, both WHPus and WHPcs unload with Kfp, while only WHPds continue to 

unload with Kfe. From Event 8 to 9, all WHPs unload with Kfp. At Point 9 the gap 

closes. Due to the small values of θ and the constant magnitude of N, MN, is also 

assumed to be constant (Figure 3.17), and no negative stiffness is considered due to 

rocking (Barthes, 2012). θ6, θ7, and θ8 are defined in Section 3.5.4.1.  

3.4.2 Behaviour Case 2   

Figure 3.16 shows the theoretical cyclic moment–base rotation behaviour (envelope) 

of the proposed column base in Case 2. The sequence of characteristic events in the 

column base follows the numerical order of Events 1 to 11 in the hysteretic backbone 

curve. The commencement and the ending of the loading in the first half-cycle, is 
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represented by Events 0 and 12, which coincide with the origin of the axes. Case 2 

follows the same procedure with Case 1 up to Event 5, where ERds become PT-free. 

Thus, θ5 represents θERd,PTF. From Event 5 to 6, M continues to increase with slope S56, 

with ERds not any longer contributing. Event 6 corresponds to θ6, which takes values 

between θ5 and θt.  

 

Figure 3.16 Theoretical cyclic M-θ behaviour of the proposed column base in Case 2  

 

Upon loading reversal, the column base follows an analogous procedure with Case 1. 

The gap closes at Point 11. θ7, θ8, θ9, and θ10, are defined in Section 3.5.4.2.  

3.5 Analytical modelling  

An analytical model is presented to predict the structural behaviour and the limit states 

of the novel column base. The model builds on the flexural response of the column 

base because this is expected to be the dominant response (Rodas, Zareian and 

Kanvinde, 2016). It is constructed by developing the theoretical equations that 

describe the three terms of Equation (3.2). The equations cover only the cases where 
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all the components in the column base remain elastic, except from the WHPs. The 

process consists of defining the envelope and the rules inside the envelope of the 

hysteretic response, including all branches of loading and unloading. The assumptions 

incorporated in this model are:  

 All WHPs are activated before ERds become stress-free and ERus yield.  

 The flexibility of the anchor stand, CFT and concrete base is disregarded.  

 Plastification of the rocking toe is not considered.  

 No geometrical nonlinearity is considered.  

 The model is based on the behaviour of an interior column of an MRF under 

cyclic loading, where the fluctuation of the axial loading is small. Thus, the 

moment-axial force interaction (i.e., the simultaneous variation of the axial 

force and moment) can be predefined in terms of axial force, by taking the 

latter as constant. This assumption comes with no significant accuracy cost, 

since it reflects the actual behaviour of exposed column bases in interior 

columns of steel MRFs, under cyclic loading (Rodas, Zareian and Kanvinde, 

2016). Furthermore, the dynamic effects of the vertical impact between the 

lower horizontal surface of the CFT and the base plate was not considered since 

recent experimental and analytical studies have shown that it does not have 

notable influence on the rocking columns and on the whole structural system 

(Midorikawa et al., 2006; Ma, 2010).   
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3.5.1 Axial force structural contribution  

The axial compression N poses a recentering effect on the column base. According to 

the free-body diagram of Figure 3.13, the moment contribution of this effect, MN 

[Equation (3.2)], can be expressed as follows:  

 NM N e    (3.5) 

where e is the eccentricity, equal to 0.5hCFT, as mentioned above (Section 3.4). MN is 

considered constant because both e and N are considered constant under cyclic 

loading. Eccentricity is assumed constant due to the small values that θ takes. On the 

other hand, as mentioned in the previous section, N is considered constant since the 

recentering axial force at exposed column bases of interior columns in steel MRFs, is 

approximately constant under cyclic loading (Rodas, Zareian and Kanvinde, 2016). 

The constant value of N is taken equal to the axial force due to the non-seismic actions, 

included in the combination of actions for the seismic design situation. This value is 

denoted as NEd,G in EC8 and can be derived from an elastic analysis of the MRF design 

case of Section 5.3.1, for the combination of actions of gravity and live loads 

G+0.30Q. That is because this combination optimally represents (a) the gap opening 

and thus the decompression moment MD; and (b) the gap closing and thus the self-

centering of the connection when overturning seismic moments are removed and only 

gravitational loads are present, according to EC1 (BS EN 1991-1-1, 2009). The 

analysis assumes fixed bases because the novel column bases are expected to perform 

like fully fixed connections, given the fact that their initial rotational stiffness is 

theoretically infinite, as can be seen by the M-θ diagrams of Figure 3.15 and Figure 

3.16.  
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The MN-θ diagrams are the same in both Case1 and 2, but are presented in different 

plots considering the distinct numbering of the two behaviour cases. Figure 3.17 shows 

MN in Case 1.  

 

Figure 3.17 Theoretical cyclic moment contribution of the axial force in Case 1  

 

The characteristic values of θ in the diagram of Figure 3.17 are those of Figure 3.15.  

Figure 3.18 shows MN in Case 2.  

 

Figure 3.18 Theoretical cyclic moment contribution of the axial force in Case 2  

 

The characteristic values of θ in the diagram of Figure 3.18 are those of Figure 3.16.  
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3.5.2 WHPs structural contribution   

WHPs dissipate seismic energy during the cyclic response of column base, resulting 

in the flag-shaped hysteresis of Figure 3.15 and Figure 3.16. Their structural 

contribution is assumed to affect only the flexural behaviour of the column base, while 

their contribution towards shear and axial resistance is disregarded. Based on the free-

body diagram, the total WHP moment, MWHP, is the summation of the individual 

moment contributions of the three WHP groups:  

 WHP WHPu WHPc WHPdM M M M     (3.6) 

where MWHPu, MWHPc, and MWHPd are the moment contribution of the WHPus, WHPcs, 

and WHPds, respectively. The latter moment components are derived from the FWHP-

θ relationships of the WHP groups. The FWHP-θ relationships are presented in 

Appendix C for clarity. As a result, MWHPu is given by the following expression:  

 
 

2
2

2
, , 21

WHPu fe u

WHPu

WHPu fp u WHPu WHP y WHP i u

n K z for
M

n K z n F z for

  

   

     
        

  (3.7) 

where λWHP is the ratio of the post-elastic over the elastic stiffness of a WHP and 

Fy,WHP,i its yield strength, both determined in Appendix B. In the above relation, the 

base rotation θ2 is obtained according to Appendix C [Equation (C.8)] and equals:  
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F

K z
 


  (3.8) 

MWHPc, is given by the relationship:  
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  (3.9) 

where θ3 is obtained in Appendix C [Equation (C.10)] and equals:  
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  (3.10) 

MWHPd, is given by the relationship:  
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  (3.11) 

where θ4 is obtained in Appendix C [Equation (C.12)] and equals:   

 , ,
4

y WHP i

fe d

F

K z
 


  (3.12) 

From Equations (3.8), (3.10), and (3.12) it is clear that the sequence of activation 

(yielding) of the WHPs, depends on the distance of the WHP groups from the COR, 

represented by the WHP lever arms. More specifically, the farther the WHP group is 

from the COR, the earlier it gets activated. Thus, in the specific column base 

configuration, WHPus yield first, WHPcs second, and WHPds third. However, 

different layouts can entail different activation sequences, e.g. bigger zd than zc would 

cause the WHPds to yield prior the WHPcs.  

The theoretical cyclic moment-base rotation contribution of the WHPs is shown in 

Figure 3.19 and Figure 3.20 for Case 1 and Case 2, respectively. The MWHP-θ 

behaviour is considered multi-linear elastoplastic and is the same both in Case 1 and 
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Case 2. However, it is presented in different diagrams, considering the distinct 

numbering of the M-θ diagrams of the two cases.  

 

Figure 3.19 Theoretical cyclic moment contribution of the WHPs in Case 1  

 

The characteristic values of θ in the diagram of Figure 3.19 are those of Figure 3.15.  

 

Figure 3.20 Theoretical cyclic moment contribution of the WHPs in Case 2  

 

The characteristic values of θ in the diagram of Figure 3.20 are those of Figure 3.16. 

The separate analytical expressions for the distinct regions of both above MWHP-θ 

diagrams, are as follows:   
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Region 1: 0≤θ≤θ2:  

  2 2 2
,12WHP fe WHPu u WHPc c WHPd dM K n z n z n z           (3.13) 

Region 2: θ2<θ≤θ3:  
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  (3.14) 

Region 3: θ3<θ≤θ4:  
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  (3.15) 

Region 4: θ>θ4:  
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  (3.16) 

3.5.3 ERs structural contribution  

As said earlier, in an effort to recover their initial pre-load length, ERs (under tension) 

develop the elastic forces FERu and FERd (Section 3.4). The derivation of these forces 

is presented in Appendix D for clarity. As long as these forces remain elastic and 

acting in a distance from the COR, aside from resisting the overturning seismic 

moments, they provide a recentering moment in the column base. Similarly to the 

WHPs, the structural contribution of the tendons is assumed to affect only the flexural 

behaviour of the column base, while their shear contribution is neglected. Based on 

the free-body diagram of Figure 3.13, the total moment contribution of the tendons, 
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denoted as MER, is the summation of the moment contributions of the ERus and the 

ERds. Thus:  

 ER ERu ERdM M M    (3.17) 

where MERu is the moment contribution of the ERus, and MERd is the moment 

contribution of the ERds. From the free-body diagram, MERu equals:  

 ERu ERu ERuM F z    (3.18) 

where zERu is calculated according to Equation (3.68) below. Substituting the total 

force developed in all ERus, FERu, from Appendix D, gives:  

 2
,ERu ERu ER ERu ERu ERu y ERuM n K z n T z M          (3.19) 

where T is defined in Step 1 of Section 3.6, and KER is the elastic axial stiffness of each 

tendon under tension, calculated according to Equation (D.4) in Appendix D. My,ERu is 

the moment at which the ERus will theoretically experience yielding, and is given by 

the relationship:   

 , , ,y ERu ERu y ER i ERuM n F z     (3.20) 

where Fy,ER,i is the yield strength of one tendon, defined in Appendix D. My,ERu occurs 

at rotation θERu,Y. According to Appendix D, θERu,Y is given by the following 

relationship:  

 ,
,

y ER ER
ERu Y

ER ERu

f A T

K z


 



  (3.21) 

On the other hand, MERd equals:  
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 ERd ERd ERdM F z     (3.22) 

The minus sign demonstrates that MERd is opposite to MERu, i.e., assists overturning. 

zERd is defined in Equation (3.69). Substituting FERd from Appendix D, gives:  
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  (3.23) 

where θERd,PTF is derived from Appendix D and equals:  

 ,ERd PTF
ER ERd

T

K z
 


  (3.24) 

The theoretical cyclic moment-base rotation contribution of the ERs is shown in 

Figure 3.21 for Case 1, and Figure 3.22 for Case 2. As seen from the diagrams, the 

MER-θ behaviour is different in the two cases. In Case 1, the MER-θ response follows a 

linear pattern. The event numbering and the values of θ are those of Figure 3.15.  

 

Figure 3.21 Theoretical cyclic moment contribution of the ERs in Case 1  
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Moreover, θ is always smaller than θERd,PTF. That is because θt is smaller than θERu,Y, 

and the latter is smaller than θERd,PTF. Therefore, MER can be calculated from Equation 

(3.17), with MERd taken from the first expression of Equation (3.23), and MERu from 

Equation (3.19). Thus:  

    2 2
ER ER ERu ERu ERd ERd ERu ERu ERd ERdM K n z n z n z n z T             (3.25) 

The values of MER, at the characteristic points of the diagram, can be derived from the 

latter equation for the corresponding values of θ.  

In Case 2, the MER-θ response follows a bilinear pattern. The event numbering and the 

θ values are those of Figure 3.16.  

 

Figure 3.22 Theoretical cyclic moment contribution of the ERs in Case 2  

 

The response can be divided into two distinct phases. In the first phase, θ is smaller 

than θERd,PTF, and ERds assist the overturning seismic moments. At this phase, MER is 

given from Equation (3.25). When base rotation reaches θERd,PTF (Event 5), the 

moment contribution of the ERds, MERd, becomes zero and their overturning action 
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stops. The second phase initiates when θ takes values larger than θERd,PTF. As a result, 

MERd in this phase becomes zero and MER equals MERu [Equation (3.19)], i.e.:  

 2
,ER ERu ER ERu ERu ERu ERd PTFM n K z n z T for            (3.26) 

The moment values at the characteristic points of the diagram, can be derived from 

Equation (3.26) for the corresponding values of θ.   

3.5.4 Moment-base rotation behaviour under cyclic 

loading    

This section presents the analytical moment-base rotation model that describes the 

hysteretic behaviour of the column base, shown in Figure 3.15 and Figure 3.16. 

Separate theoretical expressions that describe the M-θ behaviour in the distinct phases 

of its cyclic response are developed. The expressions of each phase are obtained by 

substituting the moment components of Equation (3.2), from their final expressions in 

Sections 3.5.1, 3.5.2 and 3.5.3.  

The M-θ curves in both Case 1 and 2, have two parts in their half-cycles: the loading 

and the unloading part. For each case, the loading and the unloading parts include 

equal numbers of phases, but span between different events. The M-θ expressions, for 

the first 5 loading phases of each half-cycle, are the same for both cases.  

3.5.4.1 Moment-base rotation relations in Behaviour Case 1  

The Μ-θ loading part of Case 1 (Figure 3.15) includes 5 phases between Events 0 and 

5, and the unloading part includes 5 phases between Events 5 and 10. Phase 1 is 

bounded by Events 0 and 1. In this phase, the moment goes from zero (Event 0) to MD 
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(Event 1). By taking the moments about the COR in the free-body diagram of Figure 

3.13, MD equals:  

  1D N ERu ERu ERd ERdM M M n z n z T         (3.27) 

The subscript “1” in the M1 moment, indicates that the moment refers to Event 1. This 

event-based indexing rule is extended to all moment, rotation, and stiffness symbols 

in next paragraphs.  

Phase 2 is bounded by Events 1-2. The moment at any point between Events 1 and 2, 

denoted as M12, can be derived from the following relationship:  

 12 12 DM S M     (3.28) 

In the latter equation MD is taken from Equation (3.27). The rotational stiffness of the 

column base in this phase, denoted as S12, is obtained from the following relationship:  
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  (3.29) 

The moment at Event 2, denoted as M2, is the MIGO (Section 3.4). It is given by the 

following relationship:  

 2 12 2IGO DM M M S       (3.30) 

Phase 3 is bounded by Events 2-3. The moment at any point between Events 2 and 3, 

denoted as M23, can be obtained from the following relationship:  

  23 23 , ,1D WHP WHPu u y WHP iM S M n z F             (3.31) 
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where S23 is the rotational stiffness of the column base in this phase, equal to:  
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  (3.32) 

The moment at Event 3, denoted as M3, can be calculated as follows:  

  3 12 23 2 23 3DM M S S S         (3.33) 

Phase 4 is bounded by Events 3-4. The moment at any point between Events 3 and 4, 

denoted as M34, can be obtained from the following relationship:  

    34 34 , ,1D WHP WHPu u WHPc c y WHP iM S M n z n z F               (3.34) 

where S34 is the rotational stiffness of the column base in this phase, equal to:  
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  (3.35) 

The moment at Event 4, denoted as M4, is given by the following relationship:  

    4 12 23 2 23 34 3 34 4DM M S S S S S             (3.36) 

Phase 5 is bounded by Events 4-5. The moment at any point between Events 4 and 5, 

denoted as M45, can be obtained from the following relationship:  

 
 45 45

, ,

[ 1 (

) ]

D WHP WHPu u WHPc c

WHPd d y WHP i

M S M n z n z

n z F

         

  
  (3.37)  

where S45 is the rotational stiffness of the column base in this phase, equal to:  
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  (3.38) 

The moment at Event 5, denoted as M5, is given by the following relationship:  

      5 12 23 2 23 34 3 34 45 4 45 5DM M S S S S S S S                 (3.39) 

In the unloading part, the rotation values at Events 6, 7, 8, and 9 are obtained according 

to Garlock, Ricles and Sause (2003), based on their findings during the unloading 

phases of bolted-angle PT beam-column connections (Shen and Astaneh-Asl, 1999, 

2000; Christopoulos et al., 2002; Garlock, 2002). Thus:  

 6 5 2 7 5 3 8 5 42 ; 2 ; 2                   (3.40) 

The latter relationship has been verified for connections using WHPs in the work of 

Vasdravellis, Karavasilis and Uy (2013b). According to the same work, the column 

base rotational stiffness for the unloading phases is as follows:  

 56 12 67 23 78 34 89 45; ; ;S S S S S S S S      (3.41) 

Phase 6 is bounded by Events 5-6. The moment at any point between Events 5 and 6, 

denoted as M56, can be obtained from the following relationship:  

  56 56 5 56 5M S M S        (3.42) 

The moment at Event 6 can be calculated by the relationship:  

      6 12 23 2 23 34 3 34 45 4 45 5DM M S S S S S S S                  (3.43) 
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Phase 7 is bounded by Events 6-7. The moment at any point between Events 6 and 7, 

denoted as M67, can be obtained from the following relationship:  

  67 67 6 67 6M S M S        (3.44) 

The moment at Event 7 can be calculated according to the following relationship:  

      7 23 12 2 23 34 3 34 45 4 45 5DM M S S S S S S S                  (3.45) 

Phase 8 is bounded by Events 7-8. The moment at any point between Events 7 and 8, 

denoted as M78, can be obtained from the following relationship:  

  78 78 7 78 7M S M S        (3.46) 

The moment at Event 8, denoted as M8, can be calculated from the following 

relationship:  

      8 23 12 2 34 23 3 34 45 4 45 5DM M S S S S S S S                  (3.47) 

Phase 9 is bounded by Events 8-9. The moment at any point between Events 8 and 9, 

denoted as M89, can be obtained from the following relationship:  

  89 89 8 89 8M S M S        (3.48) 

The moment at Event 9, denoted as M9, is referred to as the gap closing (or returning) 

moment in Case 1 because it represents the gap closing when the column base returns 

to zero moment. M9 equals:   

      9 23 12 2 34 23 3 45 34 4DM M S S S S S S              (3.49) 



 

103 
 

Phase 10 is bounded by Events 9-10. In this phase, the unloading of the column base 

is completed. The moment drops from M9, to zero. M9 forms the basis for the self-

centering criterion in Case 1, presented in Section 3.6.  

3.5.4.2 Moment-base rotation relations in Behaviour Case 2  

The Μ-θ loading part of Case 2 (Figure 3.16) includes 6 phases between Events 0 and 

6, and the unloading part includes 6 phases between Events 6 and 12. The M-θ 

expressions for the first five loading phases (i.e., up to Event 5) are the same with 

those of Case 1 and thus omitted for clarity. Phase 6 is bounded by Events 5 and 6. 

The moment at any point between those events, is calculated as follows:   

 
56 56
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  (3.50) 

where S56 is given by the relation:  

  2 2 2 2
56 fe WHP WHPu u WHPc c WHPd d ER ERu ERuS K n z n z n z K n z             (3.51) 

The moment at Event 6 is calculated according to the following relation:  

 
     

 
6 12 23 2 23 34 3 34 45 4
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  (3.52) 

In the unloading part, the rotation values at Events 7, 8, 9, 10, and 11, are obtained 

likewise Case 1, as follows:  

 7 6 2 8 6 3 9 6 4 10 6 52 ; 2 ; 2 ; 2                         (3.53) 
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The column base rotational stiffness in the unloading phases, is calculated likewise 

Case 1, as follows:  

 67 12 78 23 89 34 910 45 1011 56; ; ; ;S S S S S S S S S S       (3.54) 

Phase 7 is bounded by Events 6 and 7. The moment resistance of the connection, at 

any point between those events, is given by the following relationship:  

  67 67 6 67 6M S M S        (3.55) 

The moment at Event 7 can then be calculated as follows:  
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  (3.56) 

Phase 8 is bounded by Events 7-8. The connection’s moment resistance, at any point 

between those events, is given as follows:  

  78 78 7 78 7M S M S        (3.57) 

The moment at Event 8 is obtained as follows:  
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  (3.58) 

Phase 9 is bounded by Events 8-9. The moment resistance of the connection, at any 

point between those events, is given by the following relationship:  

  89 89 8 89 8M S M S        (3.59) 

The moment at Event 9 is obtained as follows:  
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9 12 23 2 23 34 3 34 45 4
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  (3.60) 

Phase 10 is bounded by Events 9-10. The moment resistance of the connection, at any 

point between Events 9 and 10, is given by the following relationship:  

  910 910 9 910 9M S M S        (3.61) 

The moment at Event 10 can then be calculated as follows:  

 
     

 
10 12 23 2 23 34 3 34 45 4
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DM M S S S S S S

S S S

  

 

         

    
  (3.62) 

Phase 11 is bounded by Events 10-11. θ11 is by default zero. The moment resistance 

of the connection, at any point between those events, is given by the following 

relationship:  

  1011 1011 10 1011 10M S M S        (3.63) 

The moment at Event 11, denoted as M11, is referred to as the gap closing (or returning) 

moment in Case 2 because it represents the gap closing when the column base returns 

to zero moment. M11 equals:  

 
     

 
11 12 23 2 23 34 3 34 45 4

45 56 5

DM M S S S S S S

S S

  



         

  
  (3.64) 

Phase 12 is bounded by Events 11-12. In this phase, the unloading of the column base 

is completed. The moment drops from M11, to zero. M11 forms the basis for the self-

centering criterion in Case 2, presented in Section 3.6.  
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3.6 Design procedure  

The step-by-step design procedure is a performance-based design approach, which 

involves the sizing of the main components of the column base, by relating the 

performance objectives of the column base (Section 3.2) to a specific seismic input 

level (i.e., ground motion intensity), e.g. DBE, or MCE. The seismic input levels are 

quantified by specific seismic demands, such as maximum storey drifts, which are 

derived by the target building performance, outlined in Chapter 5. The rest of the 

components of the column base (e.g. the anchor stand stiffeners, the base plate, the 

anchor stand, etc.) are designed to European (BS EN 1993-1-5, 2006; BS EN 1993-1-

1, 2009) and American (AISC, 2010) codes of practice, supplemented by relevant 

research works (SCI/BCSA Connections Group, 1997, 2013; Lee, 2002; Abidelah, 

Bouchaïr and Kerdal, 2012) where needed. The design procedure comprises the 

following steps:  

Step 1: Calculation of the initial post-tensioning force, T  

Calculate the initial post-tensioning force, T, in each tendon. Select a value for the 

ratio MIGO/MN,pl,Rd,c and calculate the MIGO. The MN,pl,Rd,c is the plastic moment 

resistance of the column allowing for interaction with the axial force, determined in 

Appendix A. The ratio MIGO/MN,pl,Rd,c should be less than one for the SC-MRF to have 

base shear strength comparable to that of a conventional MRF. Select a value for the 

ratio MD/MIGO and calculate MD. Tzimas, Dimopoulos and Karavasilis (2015) suggest 

that MD/MIGO should be greater than 0.5 in order for the column base to approximately 

achieve self-centering behaviour. Based on experiments, Garlock, Sause and Ricles 

(2007) proposed a more conservative value of 0.6 for the latter ratio. It applies that the 
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higher the value of the MD/MIGO ratio, the higher the self-centering capability of the 

column base and the earlier – in terms of θ – a column plastic hinge is formed at the 

lowest part of the column (i.e., in the position where the column is welded on the top 

of the anchor stand). However, higher values of the MD/MIGO ratio represent lower 

energy dissipation in the column base. Given the above, T equals:  

 D N

ERu ERu ERd ERd

M M
T

n z n z




  
  (3.65) 

where nERu and nERd are the numbers of the ERus and ERds, respectively.  

Step 2: Design the ERs  

Select a yield stress for the ERs, fy,ER and assume an initial diameter, DER, for them. 

To avoid yielding for the target base rotation θt, the minimum required length of the 

tendons, denoted as LER,min,t, should be taken from the relationship:  

 ,min,
,

ER ER ERu t
ER t

y ER ER

E A z
L

f A T

  


 
  (3.66) 

where EER is the Young’s modulus (also referred to as modulus of elasticity) of the 

material of the ERs; and AER is the cross-sectional area of each tendon. From the above 

equation it is clear that higher values of fy,ER result in shorter tendons. Obtaining a 

lower LER,min,t for the same θt seems to be of particular importance for the applicability 

and the practicality of the novel column base for the reasons mentioned below (Section 

3.8). This fact, combined with the increasing availability of ultra-high-strength steel 

grades for post-tensioning applications in the industry (VSL International Ltd, 2013; 

DYWIDAG-Systems International (DSI), 2017) (which lowers the prices), suggests 

that a high fy,ER be selected for the tendons. As mentioned above (Section 3.3), θt is 
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derived from the building design procedure described in Section 5.3.3.2, and can 

represent different seismic intensities (e.g. the DBE, the MCE, or 2 times the MCE, 

etc.), based on the adopted target building performance. Thus, if for example θt 

corresponds to the MCE, the minimum required yielding avoidance ER length for the 

MCE is be obtained as follows:  

 ,min,
,

ER ER ERu MCE
ER MCE

y ER ER

E A z
L

f A T

  


 
  (3.67) 

where θMCE is the base rotation under the MCE seismic hazard level. Similarly to θt, 

θMCE can be derived from a preliminary pushover analysis of the building under 

investigation, following the aforementioned building design procedure. The lever arm 

of the ERus, zERu, is defined as follows:  

 ERu ERd CFTz z h    (3.68) 

and the lever arm of the ERds, zERd, according to the following relation:  
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  (3.69) 

where aER,w is the width of the ER washer plate, derived from the specifications of 

VSL International Ltd (2013); Lw,c is the leg length of the weld that connects the 

column on the top of the anchor stand, defined according to Eurocode 3 (BS EN 1993-

1-8, 2010); 1.20 is a clearance coefficient that gives reasonable access for the welding 

between the anchor stand and the column; and Dduct is the external diameter of the 
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steel ducts taken equal to three times the diameter for the ERs, DER, in order to avoid 

contact between the tendons and the base plate.  

Step 3: Design the WHPs  

Select the number of the WHPus, denoted as nWHPu, the WHPcs, nWHPc, and the 

WHPds, nWHPd, and estimate the yield strength of each WHP, denoted as Fy,WHP,i, as 

follows:  

 
 2

, , 2 2 2

0.5 ( )u IGO CFT ER
y WHP i

WHPu u WHPc c WHPd d

z M N h M
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  (3.70) 

where MER(θ2), is the total moment contribution of ERs, at Event 2, equal to:  
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  (3.71) 

The WHP lever arms zc and zu (refer to Section 3.4) in Equation (3.70) are obtained as 

follows:  

 
2
CFT

c

h
z    (3.72) 

and  

 u d CFTz z h    (3.73) 

where the WHP lever arm zd is determined by the length of the web plate, LWP (refer 

to Figure 3.13). In turn, the value of LWP is obtained from Eurocode 3 (BS EN 1993-

1-1 2009).  
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It is initially assumed that MER(θ2) is solely attributed to T, whilst the additional MER 

due to θ2 is disregarded. That yields:  

        2 10ER ER ER ERu ERu ERd ERdM M M n z n z T            (3.74) 

The result of Equation (3.74) is substituted into (3.70) and a first estimate of Fy,WHP,i 

is derived. The first estimates of θ2, θ3 and θ4, are obtained by substituting the 

estimated Fy,WHP,i in Equations (3.8), (3.10), and (3.12). The estimated θ2 is then used 

in Equation (3.71) to re-evaluate MER(θ2). The improved MER(θ2) is then substituted 

into Equation (3.70) to yield a new value for Fy,WHP,i and the process is repeated. 

WHPs, supporting plates, and web plates, can be designed according to Vasdravellis 

et al. 2014 (Appendix B) for the obtained value of Fy,WHP,i.  

Step 4: Self-centering capability  

The self-centering capability of the column base is examined separately, on the basis 

of Case 1 and Case 2. Distinct mathematical expressions are developed to form the 

self-centering criteria with respect to the θt level. By definition (Section 1.3.2), self-

centering behaviour is achieved when the column base returns to zero θ upon removal 

of the connection’s moment. In Case 1 this entails that M9 [Equation (3.49)] be equal 

to or greater than zero. This yields the following set of relations:  

For θ2≤θt<θ3:  

  12 23 2DM S S      (3.75) 

For θ3≤θt<θ4:  

    12 23 2 23 34 3DM S S S S         (3.76) 
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For θ4≤θt<θERu,Y:  

      12 23 2 23 34 3 34 45 4DM S S S S S S             (3.77) 

Given that MD is a function of T [Equation (3.27)], the self-centering capability of the 

column base can be tuned by modifying T. Thus, the proposed column base achieves 

the self-centering mechanism mentioned in Section 3.3.  

In Case 2, self-centering behaviour is achieved when M11 [Equation (3.64)] is equal to 

or greater than zero. This condition yields a set of relations with respect to the θt level. 

For θt levels up to θ4 [Equation (3.12)], Equations (3.75) and Equation (3.76), remain 

in effect. Equation (3.77) is also valid but for θ4 ≤ θt < θ5 (θ5=θEDd,PTF). For θ5≤ θt < 

θERu,Y the self-centering criterion takes the following form:  

        12 23 2 23 34 3 34 45 4 45 56 5DM S S S S S S S S                 (3.78) 

Step 5: Plastic hinge avoidance criterion for a target drift level  

To avoid plastic hinge formation in the column base for a target drift level (in terms 

of base rotation), check that the moment in the position where the column is welded 

on the top of the anchor stand for θt, is smaller than MN,pl,Rd,c. This can be translated 

into the following plastic hinge avoidance criterion:  

 
 
, , ,
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N pl Rd c

M
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   (3.79) 

where M(θt) is the moment developed in the column base for θt. M(θt) is derived from 

Equation (3.37) in Case 1 and from Equation (3.50) in Case 2. If Relation (3.79) is not 
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satisfied, return to Step 1 and repeat Steps 1 to 5 with a lower MIGO/MN,pl,Rd,c ratio until 

the plastic hinge avoidance criterion is satisfied.  

3.7 Construction process  

Figure 3.23 shows the construction process of the proposed column base. It consists 

of the following five steps:  

Step 1 [Figure 3.23(a)]: Placement of the assembly that consists of the supporting 

plates of the WHPs, the base plate, the steel ducts, the fixation (steel) cubes at the 

lower ends of the tendons, and the anchoring plate, welded together from the shop at 

the exact locations determined by the plan view arrangement.  

Step 2 [Figure 3.23(b)]: Installation of the shear bumpers and the (conventional) 

anchor bolts (also known as holding down bolts). The anchor bolts will used to anchor 

the base plate to the concrete foundation in the next construction step.  

Step 3 [Figure 3.23(c)]: Pouring of the concrete foundation.  

Step 4 [Figure 3.23(d)]: Settlement and compaction of the soil backfill, followed by 

the installation of the ground floor slabs. This step allows for the setting of the concrete 

foundation of the previous step.  

Step 5 [Figure 3.23(e)]: Installation of the column subassemblage along with the 

WHPs and the ERs. The column subassemblage can be either of the following: (a) an 

assembly composed of the whole ground floor column along with the novel column 

base and all its components [the lower part of which it can be seen in Figure 3.23(f)]; 

or (b) an independent connection part which consists of the novel column base and 
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just a part of the ground floor column, in case that a column splice is employed to 

enable a fully demountable column base. The WHPs are also placed through the 

supporting plates. The ERs are installed and post-tensioned. The installation is 

facilitated by the special anchoring detailing at the lower ends of the tendons, shown 

in Figure 3.6. Each tendon is inserted into an extendable steel duct and its lower 

anchoring part (i.e., the assembly tendon-coupler-threaded bar) is then anchored at the 

end of that duct. For this anchorage, appropriately shaped steel wings, welded on the 

couplers are inserted in likewise-shaped notches, cut at the end of the extendable ducts, 

allowing thus for the removal of the ducts after the completion of the process (i.e., the 

telescopic installation of the tendons). The post-tensioning is realised with the special 

detailing of the upper ends of the tendons, as seen in Figure 3.9, determined according 

to the specifications of VSL International Ltd (2013). In the latter figure it can be seen 

that a thick washer plate is used under the post-tensioning nuts in order to avoid mild 

yielding and thus loss of the initial post-tensioning. A clearance is also foreseen 

between the tendons and the circumferential surface of the anchor stand holes to 

minimise the contact between the two components. However, as an additional 

measure, the lower circumferential edge of the anchor stand holes is chamfered to 

minimise the likelihood of inelastic deformations (damage), in case of contact. The 

step closes with the filling of the CFT tube with concrete. A hole is foreseen in the 

anchor stand for that reason (Figure 3.7).  
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(a) (b) 

  
(c) (d) 

 

 

(e) (f) 

Figure 3.23 The construction process of the novel column base [(a) Step 1; (b) Step 2; (c) 
Step 3; (d) Step 4; and (e) Step 5] and the lower part of the column subassemblage (f)  
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3.8 Implementation scenarios  

The implementation of the proposed column base in a real steel building can be 

realized under different scenarios. The intent of any possible implementation scenario 

is to accommodate the final design of the column base, enabling its unobstructed 

performance under the seismic loads. The critical design parameter that defines the 

manner under which the column bases will be implemented in the building so that the 

above intent is satisfied, is the LER,min,t [Equation (3.66)]. The reason for that is that the 

tendons are the longest component in the column base, something which, coupled with 

the fact that their biggest part runs unbonded through the building foundation may 

result in long steel ducts (Figure 3.6) and in turn in a demand for a tall foundation.  

 
(a) (b) 

Figure 3.24 Proposed implementation scenarios of the novel column base (a) in a building 
with basement; and (b) in a building with conventional foundation (grade beams) using 

small-height piles  

 

The demand for a tall foundation, which will house the aforementioned steel ducts and 

tendons, seems not to be a problem when there is a basement in the building. In fact, 

this is the case in the majority of the mid- to high-rise steel buildings, especially in the 

earthquake-prone regions, where a basement is often used to enhance the stability of 

the structure and avoid toppling types of failure (BS EN 1998-1, 2013). Figure 3.24(a) 
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shows a proposed implementation scenario in this case, where conventional concrete 

grade beams are employed. On the other hand, in cases where the demand for a tall 

foundation cannot be served by the presence of a basement, small-height piles can be 

constructed under the conventional foundation in the position of the columns, as seen 

in Figure 3.24(b).  

The above two proposed implementation scenarios pertain to a rather small percentage 

of the cases. That is because in the vast majority of the low- to mid-rise buildings, 

utilizing high-strength steel tendons and compact wide flange common-sized section 

columns [e.g. HE 400 A (DIN 1025-2, 1995)], the LER,min,t will be between 2.00 and 

3.50 m. Hence, considering that the anchor stand is suggested to be placed between 

0.50 and 1.00 m above the ground [in order to allow for the accommodation of the 

novel column base (and its components) and also to minimally affect the base shear 

strength of the novel base connection-column subassembly, compared to that of its 

equivalent conventional subassembly (refer to Section 3.6)], the required height of the 

foundation should be of the order of 1.50 to 2.50 m. A foundation of that height is 

representative of the construction practice in low- to mid-rise buildings in seismic 

regions. High-rise buildings use much taller foundation systems and thus 

incorporating the proposed column bases comes with no additional foundation 

elements and thus no extra cost.  

In any case, apart from the role of the fy,ER in the determination of the LER,min,t (as 

described in Step 2 of Section 3.6), the length of the tendons can be compromised by 

selecting a compact, wide-flange column section, rather than a narrow-flange I-beam 

(DIN 1025-1, 2009). That is because LER,min,t depends on the zERu, as can be seen from 

Equation (3.66). In turn, according to Equation (3.68), zERu depends on hCFT. Hence, 
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by selecting a wide-flange column instead of a larger (in terms of cross-sectional 

depth) I-beam to resist the same design loads, a smaller LER,min,t can be achieved and a 

shorter foundation may be needed.  

3.9 Summary  

This chapter presented a novel self-centering damage free column base for application 

in steel buildings with seismic demands. The chapter started by outlining the 

performance objectives of the proposed column base and continued with a detailed 

description and a suggested construction process. Analytical expressions that describe 

the behaviour of the main components of the column base were developed to predict 

its structural behaviour. These expressions were then used to formulate a detailed 

analytical model that predicts the hysteretic, the damage-free, and the self-centering 

behaviour of the column base. A design procedure to Eurocodes was then developed, 

built on the latter model. The procedure identified the limit states of the column base 

and sized its main structural components. The chapter closed with proposing the 

construction method and possible implementation scenarios so as to enable the column 

base to be effectively incorporated in code-compliant steel buildings.  

 

Equation Chapter (Next) Section 1  
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Chapter 4  

4 NUMERICAL MODELLING  

4.1 General  

This chapter presents detailed nonlinear FEM models for the proposed column base. 

The models represent designs derived from the implementation of the design 

procedure of Section 3.6. Nonlinear static pushover analyses are performed to assess 

the damage-free behaviour and the self-centering capability of the proposed column 

base. Based on the results of the analyses, the accuracy of the design procedure is 

evaluated. All possible limit states are identified.  

4.2 Three-dimensional Abaqus FEM model  

A high fidelity, three-dimensional FEM model of the novel column base with the 8 

WHPs [Figure 3.2(a)] was developed in finite element analysis (FEA) software 

Abaqus (Dassault Systèmes Simulia Corporation, 2013). The target column base 

performance to be achieved by the Abaqus FEM model is determined according to 

Section 3.2. This target performance can be decomposed into the following 

performance objectives:  

1. Avoid tendon yielding for the target base rotation, θt.  
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2. Achieve WHP activation (yielding) for base rotation values controlled by the 

MIGO/MN,pl,Rd,c ratio (Step 1 of the design procedure of Section 3.6).  

3. Avoid column plastic hinge formation according to Step 7 of the design 

procedure.  

4. Permit gap opening at the rocking interface of the column base, governed by 

the MD/MIGO ratio (Step 1 of the design procedure).  

5. Avoid plastic deformations in all other parts of the column base (designed to 

Eurocodes) up to θt.  

The Abaqus FEM model represents a column base design which was obtained utilizing 

the design procedure of Section 3.6, with the aim to satisfy the above target column 

base performance. To this end, the following were taken into account:  

 MD/MIGO and MIGO/MN,pl,Rd,c ratios equal to 0.7 and 0.6, respectively  

 A column axial force, N, equal to 872.24 kN. This value is derived according 

to Section 3.5.1, i.e., from an elastic analysis of the MRF design case of Section 

5.3.1 for the fundamental combination of actions of gravity and live loads. 

With the intent of justifying the presumption of constant magnitude, the above 

value of N corresponds to the axial force developed in the two central columns 

of the MRF (Figure 5.1). That is because the value of N in those columns is 

generally less deformation dependent.  

 A HE 650 B European standard steel column on the top of the anchor stand 

(Figure 3.2). The specific column section was derived from the aforementioned 

elastic analysis of the MRF design case (Section 5.3.1), and has height equal 

to 0.63 m.  
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Table 4.1 summarises the design data and the details of the Abaqus FEM model  

Table 4.1 Design data and details of the Abaqus FEM model for the novel column base  

WHPs’ data              

Number of elements  De  
(mm)  

Di  
(mm)  

LWHP 
(mm)  

r  
(mm)  

Lever arms   

Symbol Value          Symbol Value 
(mm)  

nWHPu 2 32 22 60 5 zu 959.55 

nWHPd 2 32 22 60 5 zd 309.55 

nWHPc 4 32 22 60 5 zc 325  

Tendons' (ERs) data            

Number of elements DER   T   LER    Lever arms  

Symbol Value   (mm)   (kN)  (m)  Symbol  Value (mm)  

nERu 2 47 615.30  7.5  zERu 796 
 

nERd 2 47 615.30  7.5  zERd 146   

Steel Ducts’ data        

Number of elements  Dduct 
(mm)  

tduct 
(mm) 

Lduct 
(mm)  

   

4  114,3  6  3940     

Plated elements' data             

Element Number 
of 
elements  

Length  
(mm)  

Width  
(mm)  

Thickness  

Symbol  Value 
(mm)  

Symbol  Value  Symbol  Value 
(mm)  

Anchor stand  1 Las 1348 Las 1348 tas 60 

Anchor stand 
stiffeners 

8 Lsas 307 hsas 367 tsas 60 

Shear bumpers 4 Lsb 580 bsb 110 tsb 50  

Web plates  4 Lwp 369.55 hwp 340 twp 100 

Supporting 
plates  

8 Lsp 413 hsp  120 tsp 64 

Base plate 1 hbp 1607 hbp 1607 tbp 50 

Foot end plate 1 - 560 - 560 tfep 50 

CFT data               

Number of 
elements  

LCFT  
(mm) 

hCFT  
(mm)  

Width  
(mm)  

        

1 810 650 650         
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It is noted that the notation of Table 4.1 is referred to Figure 3.14 and Figure B. 2. 

Further details can also be seen in Figure H. 2 which shows a side elevation of the 

final design of the Abaqus FEM model, and in Figure H. 3 which shows a side 

elevation of the final geometry of a single WHP in the aforementioned FEM model. T 

was estimated at 615.30 kN. As it can be seen from the above table, the dimensions of 

the base plate, anchor stand and CFT were the same along both axes.  

4.2.1 Model for the WHPs   

The WHP design of the above section was modelled in Abaqus. In particular, to 

accurately capture the real behaviour of a WHP, its FEM modelling was based on the 

findings of the work of Vasdravellis, Karavasilis and Uy (2013a), where FEM models 

of WHPs in Abaqus were calibrated against the experimental results of Vasdravellis, 

Karavasilis and Uy, (2013b). Figure 4.1 shows the optimum mesh refinement of a 

single WHP which was concluded based on the work of Vasdravellis et al. (2014), 

after a large number of simulations.  

Figure 4.1 Three-dimensional representation of the mesh and the seeding of a single WHP  

 

As seen from Figure 4.1, the final mesh employs solely C3D8R finite elements with a 

maximum side length of 8 mm at the external parts, and a side length of 3 mm at the 
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internals (Figure 3.11). The C3D8R is a reduced-integration, hexahedral, solid element 

with hourglass control, available in Abaqus.  

A duplex stainless steel (SSD) material, with yield strength equal to 550 MPa and high 

post-yield stiffness, is used for the WHPs to exploit its superior seismic performance 

and achieve the required strength, while keeping the dimensions of the WHPs 

relatively small. The material properties of the SSD steel grade were specified 

according to the coupon tests of Vasdravellis, Karavasilis and Uy (2014). The nominal 

stress σnom – nominal strain εnom curves, were converted into piecewise linear true (or 

Cauchy) stress σtrue - logarithmic plastic strain ln
pl  curves, as required for the material 

properties input in Abaqus, according to the relations:  

  1true nom nom       (4.1) 

  ln ln 1pl true
nom E

      (4.2) 

where E is the Young’s modulus for the WHPs.  

Figure 4.2 shows the boundary conditions (BCs), the contact interactions, the loading, 

the deformed and undeformed geometry, and the von Mises stress contours in the 

WHPs-web plates-supporting plates-base plate assembly, for θ=0.028 rad. As 

mentioned, this value is derived from the target building performance of the prototype 

building design case of Section 5.3.3, and corresponds to almost 1.5 times the MCE 

base rotation. Contact interactions were applied between the cylindrical external 

surfaces of the WHPs and the holes at the supporting plates. The contact-pair type of 

contact interaction was used to model the interaction between the WHPs and the 

supporting plates with surface-to-surface contact discretization.  
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Figure 4.2 BCs, contact interactions, loading, deformed and undeformed geometry, and Von 
Mises Stress contours in the WHPs-Web plate-Supporting plates-Base plate assembly, for 

θ=0.028 rad  

 

A master and a slave surface were defined for that reason. The finite-sliding contact 

formulation tracking approach was used to account for the relative motion between 

the interacting surfaces. The contact algorithm enforces contact conditions in an 

average sense over regions nearby slave nodes, using a Lagrange multiplier 

formulation. The averaging regions are approximately centred on slave nodes and 

hence each contact constraint, predominantly, considers one slave node as well as 

adjacent slave nodes. The finite-sliding tracking approach allows for the arbitrary 

relative separation, and for the sliding and rotation of the constrained surfaces, with 

connectivity of the currently active contact constraints changing upon relative 

tangential motion of the contacting surfaces.  

Figure 4.3 shows the loading regime and the deformed shape of a WHP for each of 

the three WHP groups, and plots the equivalent plastic strain (PEEQ in Abaqus) 



 

124 
 

distribution at θ=0.028 rad, as a result of an imposed horizontal displacement at the 

column tip, referred to as TIP (Figure 4.6). PEEQ is defined in Abaqus as follows:  

 
2

3
p p

ij iijPEEQ       (4.3) 

where 
p

ij  is the plastic strain components in the i and j directions. Due to the distinct 

loading regime, the deformed shape and the PEEQ distribution differs between the 

three WHP groups. WHPus are subjected in a force, FWHPu, that acts on the centroid 

of the WHP, vertically to their neutral axis, as seen from Figure 4.3(a) (in-plane 

loading). The force bends the WHPus upwards in a single curvature shape, and results 

in a symmetric distribution of the PEEQ along their length. WHPds are subjected to a 

similar loading regime, with a force FWHPd bending the WHPds downwards in a single 

curvature, and resulting again in a symmetric PEEQ distribution, as seen from Figure 

4.3(b). On the other hand, Figure 4.3(c) shows that WHPcs are subjected to a different 

loading regime. A combined force and moment, FWHPc and MWHPc, respectively, act on 

the centroid of each WHPc vertically to its axis (out-of-plane loading), causing both 

translation and rotation of the middle external part (Figure 3.11). As a result, the 

WHPcs tend to bend in a rather double curvature shape. This deformation pattern 

results in an asymmetric PEEQ distribution. However, the optimized hourglass shape 

of the WHPs avoids extreme stress peaks and obtains a uniform distribution of plastic 

deformation along the length of their internal parts, while the external parts remain 

elastic.   
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(a) 

 
(b) 

 
(c) 

Figure 4.3 Loading regime and PEEQ distribution in a WHPu (a), in a WHPd (b), and in a 
WHPc (c), for θ=0.028 rad  
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The distinct loading regime of the three WHP groups results in different stress 

distributions in the supporting and web plates of each group. Figure 4.4 shows the 

PEEQ distribution in the supporting and the web plates of the WHPus (a) and WHPcs 

(b).  

  

(a) (b) 

Figure 4.4 PEEQ concentration areas in the Web and Supporting plates in the WHPus (a), 
and WHPcs (b), for θ=0.028 rad  

 

WHPus concentrate PEEQ primarily in the supporting plate holes, as shown in Figure 

4.4(a). Little PEEQ concentration is also observed at the bottoms of the supporting 

plates. PEEQ is not observed in the web plates. On the other hand, WHPcs, primarily 

concentrate PEEQ at the bottoms of the supporting plates, while the concentration of 

PEEQ in their holes is limited. Web plates do not develop PEEQ. The supporting and 

web plates of WHPds develop plastic deformation in a pattern analogous to that of the 

WHPus, but to a lesser extent. However, Vasdravellis, Karavasilis and Uy (2013a) 

showed that the negligible ovalization of the supporting plate holes due the 

aforementioned plastic deformations and the plastic deformations at the bottoms of 

the supporting plates, have no effect on the behaviour of the connection.  
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4.2.2 Model for the column base  

Figure 4.5 shows the mesh and the finite element types used in the Abaqus FEM model 

of the novel column base. The model represents the final geometry of Table 4.1.  

 

Figure 4.5 Column base mesh and element types  

 

To model the design loads and define the hysteretic behaviour of the Abaqus FEM 

model, the following were taken into consideration:  

 An adjust-length-type bolt load of 14.10 mm, applied at each tendon, to model 

the initial post-tensioning force, T, of 615 kN.  
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 An axial pressure of a magnitude 30.39 N/mm2, applied at the upper cross-

sectional surface of the TIP (Figure 4.6), to model the 872.24 kN column axial 

force N.  

 A displacement-controlled BC, imposed at the translational degree of freedom 

(DOF) which is parallel to the X axis, denoted as U1 in Abaqus, at the central 

node of the TIP (Figure 4.6), to reproduce the moment at the base and simulate 

the displacement history, consisted of 45 mm amplitude half cycles. 

 

Figure 4.6 Loading and von Mises stress distribution at the column base Abaqus model for 
θ=0.028 rad  

 

To model the welded interfaces, kinematic constraints were applied to the DOFs of 

the nodes between the supporting plates and the base plate; the anchor stand stiffeners 

and the anchor stand and the CFT; the web plates and the CFT; the column and the 

anchor stand; the anchor stand and the CFT. Kinematic tie constraints were applied 

between the WHPs’ middle external parts and the web plates; the shear bumpers and 

the base plate; and the ER washer plates and the ERs. Contact interactions with 
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normal, hard contact were specified between surface pairs that separate after contact. 

These pairs are the ERs and the anchor stand holes; the ER washer plates and the 

anchor stand; and the shear bumpers and the CFT. Between the foot end plate and the 

base plate, and the WHPs and the supporting plates, both normal hard contact and 

friction were applied, with a friction coefficient of a magnitude 0.2 (BS EN 1993-1-8, 

2010). The extreme external parts of the WHPs (Figure 3.11) were not kinematically 

constrained over their longitudinal axis, and left to slide freely inside the supporting 

plate holes. The mechanical-type, full fixity BCs were applied at all kinematic DOFs 

at the underside surface of the base plate, and at the bottom surfaces of the ERs.  

Except for the supporting plates and the web plates, all other parts of the column base 

are modelled using solely the C3D8R element. The C3D8R elements are the cyan-

coloured elements in Figure 4.5. Reduced integration elements were used in the 

regions where stress concentration was expected. That was done to provide 

computational efficiency without significantly affecting the solution’s accuracy, and 

because in displacement-based FE formulations, with the inclusion of plasticity 

phenomena, the increased use of integration points overestimates the stiffness matrix. 

Hence, the use of reduced integration elements results in less stiff elements, providing 

a correction to the problem. In the supporting and the web plates, a small number of 

the C3D6 solid element of Abaqus was used. The C3D6 element is a 6-node linear 

triangular prism. These elements are the red-coloured elements in Figure 4.5. In 

general, a finer mesh was applied to regions with the likelihood of large plastic 

deformations and buckling phenomena, while a coarser mesh applied in regions where 

local instabilities were not expected.  
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To obtain the material laws in Abaqus, the stress-strain relations, using the nominal 

stress and the nominal strain, were converted into piecewise linear true stress-

logarithmic plastic strain curves, according to relations (4.1) and (4.2). The base plate, 

shear bumpers, foot end plate, CFT, anchor stand, anchor stand stiffeners, ER washer 

plates, and the column were assigned to the common steel grade S355, with an elasto-

plastic law with isotropic hardening rule. The web and supporting plates were assigned 

to the SSD material (Section 4.2.1). The material of the ERs had nominal yield strength 

equal to 1050 MPa, Young’s modulus 205 GPa, and elongation capacity 7%, 

according to the specifications of VSL International Ltd (2013).  

The analysis consisted of seven steps. In the second step, contact interactions along 

with automatic stabilization were established, to avoid numerical problems due to 

contact formulation. The targeted T was also established at that step. In the subsequent 

steps, the displacement-controlled non-linear analysis was performed.  

The Abaqus model consisted of 116926 nodes and 86307 elements, 84939 of which 

were C3D8R elements and 1368 C3D6 elements. The total computational time of each 

of the cyclic analysis was completed in 42 minutes, in an Intel(R) Core(TM) i7-3770 

CPU @ 3.40 GHz (8 CPUs), with 32 Gb RAM, running in a 64-bit Windows 7 

environment.  

4.2.3 Assessment of the Abaqus model  

Figure 4.7 plots the moment-base rotation hysteresis of the Abaqus models for the 

column bases with the 4 and 8 WHPs, against the analytical model of Section 3.5.  
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(a) (b) 

Figure 4.7 FEM vs analytical results for the proposed column base (a) with 4 WHPs; and (b) 
with 8 WHPs  

 

In general, the results of the analyses show that an agreement is achieved between the 

FEM and the analytical models. The predicted values of MD and MIGO are almost the 

same with those obtained from the FEM models, for both column bases. The elastic 

stiffness between FEM and analytical models is also identical for both connections. 

The post-elastic stiffness is almost the same, for both column bases, nonetheless a 

slight difference is observed. That is because the components of the FEM models 

exhibit an elastic behaviour, as opposed to the analytical model where all components, 

except the WHPs and the tendons, are considered rigid.    

Both connections were designed according to Step 6 of Section 3.6 to achieve a self-

centering behaviour. The analyses results showed that this behaviour is achieved for 

both connections. The analytically predicted gap closing moments (M9 and M11 in 

Sections 3.5.4.1 and 3.5.4.2, respectively) showed a good agreement with those of the 

FEM models. However, some differences are observed due to the different width of 

the hysteretic loops of the FEM and the analytical models, caused by the different 
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energy dissipation of the models. The energy dissipation differs due to the following 

reasons:  

 Contrary to the FEM models, the analytical model does not account for 

frictional energy dissipation. In the FEM models, the extreme external parts of 

the WHPs are kinematically unconstrained in the direction parallel to their 

longitudinal axis. Thus, while the column base rocks, the WHPs slide into the 

holes of the SPs, triggering kinematic friction, and thus dissipating frictional 

energy (ALLFD in Abaqus). Energy is also dissipated through friction, due to 

the sliding of the column base, on the top of the base plate.  

 According to Section 4.2.1, in the column base with the 8 WHPs, the WHPcs 

tend to bend in double curvature, which differs from the single curvature 

flexure of both WHPds and WHPus, based on which the WHPs’ design rules 

of Vasdravellis, Karavasilis and Uy (2014) were developed. It is therefore 

expected that the analytical prediction of the WHP’s behaviour will differ from 

that of the FEM models. This differentiation is mirrored in the analytical total 

response of the column base.  

 To confront the severe nonlinearities in the hysteretic response of the column 

base, FEM models use automatic stabilization schemes, which introduce 

damping forces in the models and result in additional stabilization energy 

(ALLSD in Abaqus). To handle the highly nonlinear unstable quasi-static 

problem of the column base hysteretic behaviour, both the volumetric 

stabilization scheme and the automatic stabilization for contact pairs, available 

in Abaqus, are employed in the FEM models. The two schemes add viscous 

forces in the global equilibrium equations, in the form of additional artificial 
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viscous damping. That damping inserts viscous damping energy in the model 

and thus increases the energy dissipation (stabilization energy). The damping 

aims to confront the severe discontinuity iterations (SDIs), in which an abrupt 

change in the stiffness occurs. SDIs impede the convergence of the equilibrium 

iterations in the nonlinear iterative algorithm (Newton’s method) Abaqus uses 

to solve the nonlinear system of equilibrium equations. SDIs are caused by: (1) 

the open-close changes in contact, due to the gap-opening behaviour of the 

column base; (2) the stick-slip changes in friction, in the rocking interface of 

the column base; (3) the rocking motion of the column base, which is a highly 

nonlinear phenomenon; (4) the numerous contacts in the interface between the 

WHPs and their supporting system components (web and supporting plates), 

and also between the tendons and the anchor stand surfaces; and (5) the 

material and geometrical nonlinearities of the FEM model. It is therefore 

concluded that the severe nonlinearities of the FEM models result in additional 

energy dissipation in these models (in the form of stabilization energy), 

compared to the energy dissipation predicted by the analytical models.  

The small discrepancy between the energy dissipation of the first and the second half 

part of the FEM model hysteretic response is due to the different amount of 

stabilization energy released throughout these two stages. In the first stage, the 

contacts are introduced in the FEM models, causing instabilities. To tackle these 

instabilities, the stabilization schemes (mentioned above) utilize higher damping 

factors in order to release higher amount of artificial energy and thus establish 

convergence during this first stage. After stabilizing the system, Abaqus follows an 

automatic procedure and reduces these factors for the subsequent steps, subsiding the 
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stabilization energy and consequently decreasing the breadth of the second half-part 

of the first hysteretic loop. For that reason, the second half part exhibits a better 

agreement with the analytical solution.  

The damage in the column base is evaluated by monitoring the plastic deformations 

plotted by the PEEQ stress (non-blue elements in Figure 4.3 and Figure 4.4). The 

plastic deformations at locations 1 and 2 in Figure 4.3, are anticipated in order to 

absorb and dissipate seismic energy. Unfavourable and thus unexpected plastic 

deformations are observed – though – at the holes and bottoms of the supporting plates, 

as was seen from Figure 4.4. However, Vasdravellis, Karavasilis and Uy (2013a) 

showed that these small concentrations of plastic energy do not affect the behaviour 

of the models. Furthermore, insignificant plastic deformations were observed on the 

leaning edges of the CFT, without influencing though the behaviour of the column 

base for the reasons described in Section 3.4.  

Lastly, FEM models capture well the slight pinching effect, introduced by the 

hysteretic behaviour of the WHPs. The pinching can be seen as a small flat region in 

the unloading parts of the curves in Figure 4.7 and is caused by the slight ovalization 

of the supporting plate holes under the bearing forces of the extreme external parts of 

the WHPs (Vasdravellis, Karavasilis and Uy, 2013a).  

4.3 Two-dimensional OpenSees FEM model  

Figure 4.8 shows a two-dimensional FEM model for the column base with the 8 

WHPs, along with its associated column, which was developed in the Open System 
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for Earthquake Engineering Simulation (OpenSees) software framework (Pacific 

Earthquake Engineering Research Center (PEER), 2015).  

Figure 4.8 The OpenSees model of the novel column base and the associated column  

 

The OpenSees model reproduces the Abaqus FEM model of the previous section, but 

is more computationally efficient. In this regard, it can be incorporated in the 

OpenSees models of the prototype building design cases of Section 5.4 (Detail 1 in 

Figure 5.7) to facilitate nonlinear dynamic analyses, and thus to enable the seismic 

assessment of the connection and evaluate its effect in the seismic performance of steel 

buildings. The model aims to validate the accuracy of both the analytical and Abaqus 

model. Moreover, the OpenSees model will be used in the prototype building 

OpenSees models of Chapter 5 in order to facilitate the seismic assessment of the novel 

column base. It is noted that like the analytical model (Section 3.5), the OpenSees 

FEM model does not account for the dynamic effects of the vertical rocking impact of 

the novel column bases for the same reasons apply to the analytical model.   
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4.3.1 Nonlinear modelling of the column bases   

All the columns in the buildings examined in this work (Section 5.3), were modelled 

using one nonlinear force-based fiber element each. Fiber elements can satisfy the 

equilibrium and capture the inelasticity distribution both along the depth of the section 

and the length of the member. These type of elements are further discussed in Section 

5.4.1. Each column fiber element was divided in six segments. The flanges of each 

segment consists of four fibers per flange, and eight fibers for the web. The fiber 

elements were associated with the material steel01 in OpenSees to have a bilinear 

elastoplastic stress-strain behaviour, with kinematic hardening, as seen in Figure 4.9.  

 

Figure 4.9 Steel01 Material in OpenSees (Pacific Earthquake Engineering Research Center 
(PEER), 2015) – Hysteretic Behaviour of Model w/o Isotropic Hardening  

 

The post-yield stiffness ratio of the steel01 material was 0.002. The steel grade used 

for this material was S355. The assumption of stable hysteresis for the columns is fully 

justified as heavy columns with webs and flanges of low slenderness (e.g. HEB 

sections) do not show cyclic deterioration, even under large drifts, as it was shown by 
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Newell and Uang (2008, 2006). The same assumption was also used in the work of 

Seo et al. (2014) and Kitayama and Constantinou (2016).  

Rigid, elastic beam-column elements were used to model the rocking interface of the 

column base. These elements were assigned with a very high Young’s modulus, one 

thousand times greater than that of the beams. Details for these elements can be found 

in Table F. 6.  

The gap opening mechanism was realized with three zero-length translational contact 

springs, placed at equal distances, along both the left and the right half-depth-part of 

the CFT section. The springs were associated with the ENT material in OpenSees, to 

have an elastic compression-no tension force-displacement behaviour, as seen in 

Figure 4.10. The compression stiffness of these springs is twenty times the axial 

stiffness of the column. Details for the springs can be seen in Table F. 6. 

 

Figure 4.10 ENT material behaviour in OpenSees (Pacific Earthquake Engineering 
Research Center (PEER), 2015)  

 

WHPs are modelled with three zero-length hysteretic springs in order to capture the 

hysteretic energy dissipation capacity of the column base. The springs were placed at 
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the exact three locations of the WHPs along the depth of the column base (Figure 4.8). 

One spring is used to model each of the left and right WHP pairs, while for the four 

central WHPs (two pairs), one more spring is used. Details for the springs can be seen 

in Table F. 7. The springs are associated with a smooth Giuffre-Menegotto-Pinto 

model (Menegotto and Pinto, 1973) with isotropic hardening. This model is 

represented by the steel02 material in OpenSees (Figure 4.11), as recent studies have 

shown that WHPs have stable hysteresis and do not fracture under collapse loading 

protocols associated with storey drifts of more than 10% (Vasdravellis, Karavasilis 

and Uy, 2013b, 2014).  

 

Figure 4.11 Steel02 Material in OpenSees (Pacific Earthquake Engineering Research 
Center (PEER), 2015) – Monotonic behaviour of the model w/o Isotropic Hardening  

 

Tendons are modelled as truss elements, anchored at the upper surface of the anchor 

stand, and at the bottom of the concrete foundation. These elements have a cross-
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sectional area equal to AER, and material with bilinear elastoplastic hysteresis (steel01 

in OpenSees), with post-stiffness ratio equal to 0.03. To account for the initial post-

tensioning, T, an initial strain equal to T/(AER∙EER) is imposed at each truss element. 

To ensure that no decrease of the initial PT force occurs due to potential axial 

shortening of the CFT and deflection of the anchor stand, T is checked to ensure that 

the correct value is obtained.  

4.3.2 Assessment of the OpenSees FEM model 

Figure 4.12 shows the good agreement of the OpenSees model with both the analytical 

model and the Abaqus model, for the column base with the 8 WHPs.  

 

Figure 4.12 Comparison between the hysteretic response predicted by the Abaqus, the 
OpenSees and the analytical model of the proposed column base with the 8 WHPs  
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In particular, the OpenSees model agrees very well with the analytical prediction. The 

reason for this agreement is that the OpenSees FEM model – like the analytical model 

– does not account for frictional and damping energy dissipation and also does not 

consider the flexibility of the components that are expected to behave within their 

elastic limit (e.g. the anchor stand, the base plate, the CFT, the supporting plates, the 

web plates, etc.), as opposed to the Abaqus model (Section 4.2.3). The small difference 

between the analytical model and the OpenSees model is because in the former, the 

WHP lever arms are defined as the horizontal distance between the COR and the 

centres of the WHPs, while those in OpenSees are the real distances.  

4.4 Summary and conclusions  

This chapter presented nonlinear numerical (FEM) models for the novel column base. 

The models aimed to investigate in depth the cyclic behaviour of the column base, by 

simulating its hysteretic behaviour and identifying all possible limit states. The chapter 

starts with the development of a high-fidelity, nonlinear FEM model in software 

Abaqus. The Abaqus FEM model is developed for a column base designed with the 

aid of the procedure described in the previous chapter. Displacement-controlled static 

nonlinear analyses are performed and the hysteretic behaviour of the column base is 

obtained. The results of the analyses are compared with the analytically predicted 

results, in order to evaluate the accuracy of the design procedure. The chapter proceeds 

with the development of a second, detailed, two-dimensional FEM model in software 

OpenSees. The behaviour from the OpenSees model is compared to the behaviour 

from the Abaqus and the analytical model.  

From the analyses of this chapter, the following conclusions can be drawn:  
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 The gap opening, the rotational stiffness, and the maximum moment at θt 

obtained by the FEM models, are in a very good agreement with their 

corresponding analytical values.  

 A small difference is observed between the energy dissipation of the Abaqus 

and the analytical model. This results in a small discrepancy between the gap 

closing moments of the two models. However, these differences were fully 

justified.  

 The hysteretic behaviour predicted by the OpenSees FEM model is in a very 

good agreement with the hysteresis of the analytical model in both the loading 

and the unloading phase.  

 In general, the numerical models achieve a good agreement with the analytical 

model, verifying the accuracy of the design procedure.  

 

Equation Chapter (Next) Section 1  
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Chapter 5  

5 SEISMIC ASSESSMENT OF THE 

COLUMN BASE  

5.1 Overview  

This chapter presents the analyses and the design of three different design cases of a 

prototype building with the aim to investigate the resilience-based seismic 

performance of non-conventional high-performance steel buildings that use the novel 

column base, and thus to assess the contribution of the novel column base towards the 

earthquake resilience of these buildings. To this end, the seismic-resistant frames of 

the prototype building are designed as a: (1) conventional moment resisting frame 

(MRF); (2) self-centering MRF (SC-MRF) with PT beam-column connections and 

conventional, fixed column bases; and (3) SC-MRF as in the previous case, but with 

the novel column base as its base connection.  

The three design cases are compared on the basis of static and dynamic nonlinear 

analyses. Monotonic and cyclic nonlinear static analyses are first performed, in order 

to identify the structural limit states. A suite of 22 ground motions is then used to 

perform nonlinear dynamic (response-history) analyses scaled to the DBE and MCE 
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seismic intensities. The ground motions are considered to cover a wide range of the 

earthquake characteristics.  

5.2 The prototype building  

The prototype building used in this work is that of Tzimas, Dimopoulos and 

Karavasilis (2015). Figure 5.1 shows the plan view of the typical storey of this 

building. The prototype building is a five-storey office building with 4 m first floor 

storey (bottom-storey) height and 3.2 m storey height for the remaining floors. The 

foundation is on the ground level (Figure 5.2).  

 

Figure 5.1 Plan view of the typical storey of the prototype building   

 

The building has five bays in the X direction and three bays in the Y direction. The X-

axis bays are of 8 m length, while the Y-axis bays of 5 m. Only three of the five X-

axis bays are used as seismic-resistant frames, while in the other direction, only one 

of the three Y-axis bays is used to resist seismic loads. That was done to avoid biaxial 

bending effects at the corner gravity columns. All other frames are considered gravity 



 

144 
 

frames, consisted of pinned beam-column and column base connections, coupled with 

the perimeter seismic-resistant frames through the floor diaphragms.  

Figure 5.2 Perimeter seismic-resistant frame (MRF or SC-MRF) in the Elevation A of the 
prototype building, in the X direction. Detail 1 is shown in Figure 5.6  

 

The prototype building is designed to be symmetric with respect to both axes, with 

regularity in plan and elevation, so that:  

1. The centre of mass of the building coincides with the centre of rigidity of the 

seismic force-resisting systems;  

2. The interaction between the seismic force-resisting systems in the X and Y 

directions is minimised; and  

3. It justifies two-dimensional analysis for design purposes, i.e., the seismic 

response of the building in a specific axis can be assessed using a 2D model of 

the seismic force-resisting system that is parallel to this axis.  



 

145 
 

Capitalizing on the above, this study focuses only on one of the two X-axis perimeter 

seismic-resistant frames of the prototype building (as illustrated in Figure 5.1) in order 

to optimally serve the purposes of this work (Section 5.1).  

5.3 The design cases  

To serve the purposes of this work, three different designs of the X-axis seismic-

resistant frame under investigation (described in the previous section) are compared 

on the basis of nonlinear static and dynamic (response-history) analyses. These 

particular designs are referred to prototype building design cases or simply as design 

cases. The design cases use both conventional and no-conventional structural 

configurations, with and without the novel column base, and are described in the 

following paragraphs.  

The first design case pertains to the X-axis perimeter seismic-resistant frame of the 

prototype building designed as fully welded conventional, high ductility class steel 

MRF. This design case is referred to as MRF. Since conventional MRFs are common 

practice for EC8-compliant steel buildings (for the reasons mentioned in Section 

1.3.2), the MRF is used as the base the other two design cases (using non-conventional 

seismic force-resisting systems) can be assessed upon. Figure 5.2 shows an elevation 

of the MRF. Information on the design of the MRF is outlined in Section 5.3.1.  

The MRF is redesigned and two additional design cases for the X-axis seismic-

resistant frames of the prototype building with similar layouts are considered in this 

study. The seismic force-resisting system of the second design case is an SC-MRF 

equipped with welded, rigid and full strength, conventional column bases, and PT 
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beam-column connections [Figure 5.4(a)]. This design case is referred to as SCMRF 

and is designed according to the performance-based design procedure described in the 

aforementioned work of Tzimas, Dimopoulos and Karavasilis (2015). Figure 5.4(b) 

shows an elevation of the SCMRF with the PT beam-column connections.  

The seismic force-resisting system of the third building employs the PT beam-column 

connections of the SCMRF and the novel column bases which are designed according 

to the design procedure presented in Chapter 3. This design case is referred to as 

SCMRF-CB and can be seen in Figure 5.6.  

To have similar initial stiffness and period of vibration to the MRF, both the SC-MRFs 

(i.e., the SCMRF and the SCMRF-CB) use the same sections as the MRF. The steel 

yield strength is equal to 355 MPa for the columns and 275 MPa for the beams. They 

are also assumed to have the same inherent viscous damping ratio, ξ, equal to 3%. 

Furthermore, the SC-MRFs are expected to have similar drift performance to the MRF. 

That is because it has been shown that self-centering and conventional bilinear 

elastoplastic systems of the same strength and period of vibration have similar drifts 

when the self-centering systems are designed with adequate energy dissipation 

capacity and post-yield stiffness (Karavasilis and Seo, 2011). Seo and Sause (2005) 

suggest that the aforementioned energy dissipation capacity should be at least 25% of 

the capacity of the equivalent conventional bilinear elastoplastic (BP) system, while 

Eatherton et al. (2012) – based on shake table tests and analyses – at least 20%. These 

values correspond to the so-called energy dissipation ratio, βE, defined in Figure 5.3 

for SDOF systems.  
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According to Figure 5.3, βE represents the ratio of the hysteresis loop area of a self-

centering system [SC model in Figure 5.3(b)] to the area of a bilinear elastoplastic 

system [BP model in Figure 5.3(a)] under cyclic loading for the same maximum 

displacement. In the figure, Fy is the yield strength of the SDOF systems, uy their yield 

displacement, and α their post-yield stiffness ratio. To achieve a self-centering 

behaviour, the βE value of a self-centering system must not exceed 0.50.  

  
(a) (b) 

Figure 5.3 Nonlinear lateral load-drift behaviour of SDOF systems: (a) Conventional bilinear 
elastoplastic (BP) model; and (b) Self-centering (SC) model (Seo and Sause, 2005)  

 

In all design cases each of the X-axis seismic-resistant frames (Figure 5.1) carries 50% 

of the prototype building mass and thus the 2D models that are used for their design 

(described in Section 5.4 below) are assigned with that mass.  

5.3.1 The MRF   

The MRF was designed as a highly ductility class MRF, according to the seismic 

provisions of EC8 (BS EN 1998-1, 2013), on the basis of a two-dimensional modal 

response spectrum analysis in software SAP 2000 (Habibullah and Wilson, 2015). The 
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steel members of the MRF were designed according to EC3 (BS EN 1993-1-1, 2009), 

along with the capacity and ductility design rules of EC8.  

The dead (G) and live (Q) gravity loads considered in the design are determined 

according to EC1 (BS EN 1991-1-1, 2009). The loads are transmitted through beams 

to the columns and are applied to the model as concentrated joint loads using 

interaction surfaces. The design seismic actions, referred to as DBE, are expressed by 

the Type 1 elastic response spectrum of EC8 with peak ground acceleration (PGA) 

equal to 0.35g and ground type B. The importance factor γI is taken equal to unity. The 

damping reduction factor, η, is calculated from ξ (3%) and used to scale down the 

elastic design spectrum. The MRF satisfied Ductility Class High (DCH) according to 

EC8, by using compact, Class 1 cross-sections (BS EN 1993-1-1 2009) for the beams 

and the columns. For DCH, EC8 suggests the value 5∙αu/α1 for the calculation of the 

behaviour factor, q, of steel MRFs. The αu/α1 is the overstrength factor of the system 

with a recommended value of 1.3 for multi-storey multi-bay regular MRFs with 

dissipative zones in the beams and at the bottom of the columns (i.e., at the column 

bases). Thus, q was taken equal to 6.5. The displacement behaviour factor, qd, is taken 

equal to q; i.e., EC8 uses the equal displacement rule to estimate peak drifts associated 

with inelastic response. These drifts are then used to check the second order (P-Δ) 

effects. The design load combinations were determined according to EC3 and EC8.  

A strength-based design for the DBE is first performed by reducing the highly damped 

spectrum of EC8 with the behaviour factor q. The DBE ultimate limit state (no-

collapse requirement of EC8) is satisfied by enforcing the capacity design rule of EC8, 

the local ductility details for steel MRFs, and by taking into consideration the second-

order effects (P-Δ), through the interstorey drift sensitivity coefficient, θ. The peak 
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IDR of all the storeys of the building, θs,max, is then estimated on the basis of the equal 

displacement rule of EC8 (see Appendix E). The building has ductile non-structural 

elements and therefore θs,max should be lower than 0.75% under the FOE (having 

intensity 0.40 of the DBE; reduction factor v equal to 0.4 in EC8) to satisfy the 

“damage limitation requirement” of EC8. Beam and column cross-sections are then 

increased to satisfy this serviceability limit. The final sections were found iteratively 

by decreasing the value of q, designing the MRF for increased strength under the DBE, 

and then checking storey drifts under the FOE.  

The following assumptions were also considered in the analysis:  

 The model used for the design was based on the centreline dimensions of the 

MRF without accounting for the finite panel zone dimensions.  

 The beam-column and column base connections of the MRF were considered 

fully welded configurations and therefore designed as rigid and full-strength 

connections according to EC3 (BS EN 1993-1-8, 2010).  

 A rigid diaphragm constraint was imposed between all the nodes of each floor 

to simulate the diaphragmatic action due to the presence of the composite slabs.  

 A lean-on column is included in the model to account for the P-Δ effects due 

to the vertical loads of the interior gravity columns of the tributary area (half 

of the total plan area in Figure 5.1) associated with each MRF. The lean-on 

column carries (a) the 50% of the total seismic mass, and (b) the gravity loads 

not directly applied to the MRF. This column is pinned at its base and 

considered height-wise continuous. The lateral DOF of the node of the lean-on 

column at each floor is slaved to the lateral DOFs of the central columns 
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(shown in Figure 5.1) of the same floor, as illustrated in Figure 5.7 below. The 

flexural and axial stiffness assigned to the lean-on column is equal to the sum 

of the flexural and axial stiffness of the gravity frames of the prototype 

building, relying on the MRF for lateral load resistance.   

 The panel zone flexibility was not considered.  

 The internal gravity columns were designed only for axial load using the 

gravity load combination, whereas the external (corner) gravity columns had 

the same cross sections as the internal ones. Both the internal and the extremal 

gravity columns are shown in Figure 5.1.  

Table 5.1 lists the final column and beam sections of the MRF.  

Table 5.1 Design details of the MRF  

Storey  Cross sections 

Beams  MRF Columns  Gravity columns  

1 (ground floor)  IPE 550  HE 650 B  HE 240 B  

2  IPE 600  HE 650 B  HE 240 B  

3  IPE 550  HE 650 B  HE 240 B  

4  IPE 500  HE 600 B  HE 220 B  

5  IPE 500  HE 600 B  HE 220 B  

 

The fundamental period of vibration was found to be equal to 1.08 sec using 

eigenvalue analysis. The design peak IDR limits under the FOE (θs,max,FOE), the DBE 

(θs,max,DBE), and the MCE (θs,max,MCE), were set equal to 0.72%, 1.8% and 2.7%, 

respectively. The MCE has intensity of 150% the intensity of the DBE (FEMA, 2000).  

More information on the analysis and the design of the MRF can be found in the work 

of Tzimas, Dimopoulos and Karavasilis (2015), since the MRF design case of this 

study is the same with the corresponding MRF of the latter research work.  
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5.3.2 The SCMRF  

5.3.2.1 Description of the SCMRF  

Figure 5.4(a) shows an elevation of the SCMRF using exterior and interior PT beam-

column connections with WHPs as their energy dissipation devices (Dimopoulos, 

Karavasilis, et al., 2013). Figure 5.4(b) shows a detailed view of an exterior PT beam-

column connection and its basic components.  

 
(a) 

 
(b) 

Figure 5.4 (a) Elevation of the SCMRF with the PT beam-column connections; (b) detailed 
view of an exterior PT beam-column connection with WHPs (Dimopoulos, Karavasilis, et al., 

2013)  
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The behaviour of the connection is characterized by the gap opening and closing in 

the beam-column interface as a result of the re-centering forces of the PT bars. Figure 

5.5 shows the gap opening mechanism, where d1u and d1l are the distances of the upper 

and lower WHPs [Figure 5.4(b)] from the centre of rotation (COR), respectively; d2 is 

the distance of the bars from the COR; FPT is the total force in the two bars; FWHP,u 

and FWHP,l are the forces in the upper and lower WHPs, respectively; and CF is the 

compressive force on the beam-column bearing surface. The COR is assumed to be at 

the inner edge of the beam flange reinforcing plate [Figure 5.4(b)], as it can be seen in 

Figure 5.5.  

 

Figure 5.5 Gap opening mechanism in the PT beam-column connection with WHPs 
(Dimopoulos, Karavasilis, et al., 2013)  

 

5.3.2.2 Design of the SCMRF  

The design of the SCMRF is conducted according to the EC8-based seismic design 

procedure for steel SC-MRFs, proposed by Tzimas, Dimopoulos and Karavasilis 

(2015). The procedure defines a target building performance, designs the beams and 

the columns, and ultimately designs the PT beam-column connections of the SCMRF. 

The design procedure in question is outlined in the following paragraphs.  
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According to the aforementioned design procedure, the SCMRF must satisfy a 

predefined structural and non-structural target building performance. This target 

building performance is defined through the following structural and non-structural 

limit states:  

 Structural limit states:  

o Limits states for the PT beam-column connections.  

o Yielding and plastic hinge formation at the column bases.  

o Limit values for the maximum residual IDRs, θs,res.  

 Non-structural limit states:  

o Limit values for the peak IDRs, θs,max, under specific seismic 

intensities, i.e., θs,max,FOE for the FOE, θs,max,DBE for the DBE, and 

θs,max,MCE for the MCE.  

Associating limit states with seismic intensities, the following target building 

performance can be defined for the SCMRF:   

 Operational under the FOE. This includes the following: No yielding in the 

beam-column and column bases connection; θs,max lower than the damage 

limitation values of EC8; PT beam-column connections decompression and 

modest yielding in the WHPs.  

 Rapid return to occupancy under the DBE. This includes the following: 

elimination of θs,res; modest or absence of yielding in the beam flanges; modest 

or no yielding in the column bases; low θs,max to ensure rapid repair of damaged 

drift-sensitive non-structural elements; and yielding and rapid replacement of 

the WHPs.  
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 Life safety and repairability under the MCE. This includes the following: no 

beam plastic hinge formation; modest column base plastic hinge rotations; and 

θs,res lower than the global sway imperfections defined in EC3 (BS EN 1993-

1-1, 2009).  

As mentioned above (Section 5.3), the beam and the column sections of the SCMRF 

are those of the conventional MRF (Table 5.1). A preliminary pushover analysis is 

then performed to design the PT beam-column connections. The simple model used 

for the analysis uses nonlinear beam-column elements for the columns; elastic 

elements for the beams; and nonlinear rotational springs at the ends of the beams to 

simulate the M-θ behaviour of the PT beam-column connections. The rotational 

springs have a large initial stiffness which is sixty times the flexural stiffness of the 

corresponding beams to provide stable and accurate results. Moreover, the springs 

have a yield moment equal to the MIGO of the beams of each floor. The MIGO is 

calculated from an appropriate MIGO/Mpl,b ratio value, as explained in Section 2.3 of 

Tzimas, Dimopoulos and Karavasilis (2015). Mpl,b is the plastic moment of resistance 

of each beam section, calculated according to EC3 (BS EN 1993-1-1, 2009). The post-

yield stiffness of the springs equals to KPT∙ 2
2d  (Tzimas, Dimopoulos and Karavasilis, 

2015), where KPT is the total axial stiffness of both PT bars of the connections and d2 

is the distance of the PT bars from the centre of rotation. KPT is estimated as 

EPT∙APT/LPT [Eq. 6 of Tzimas, Dimopoulos and Karavasilis (2015)], where EPT is the 

Young’s modulus of the material of the PT bars, APT is their total cross-sectional area, 

and LPT the length of each PT bar. APT is calculated from an appropriate value of the 

ratio MD/MIGO, assuming that T0/Ty is almost equal to 0.50, which approximately 

ensures that the PT bars avoid yielding for large connection rotations (Garlock, Sause 
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and Ricles, 2007). T0 is the total initial PT force in both PT bars, and Ty the total yield 

strength of both PT bars. From the above the following were defined: the peak IDRs 

per storey under the DBE, θs,max,DBE; the peak IDRs per storey and under the MCE, 

θs,max,MCE; the rotations in the PT beam-column connections; and the forces developed 

in the building members.  

Based on the results of the preliminary pushover analysis, the PT beam-column 

connections are designed using the relevant design procedure described in the work of 

Tzimas, Dimopoulos and Karavasilis (2015) with the aim to achieve the target 

connection performance that was described above. The values that were eventually 

selected for the ratios MIGO/Mpl,b and MD/MIGO were taken equal to 0.65 and 0.60, 

respectively, for all the PT beam-column connections in all storeys.  

Table 5.2 shows the characteristics of the WHPs which are the same for all the PT 

beam-column connections that belong to the same floor.  

Table 5.2 WHP characteristics for the PT beam-column connections of each floor  

Floor LWHP (mm) Di (mm) De (mm) d1u (mm) d1l (mm) 

1 70  33  43  483  67  

2 70  36  46  531  69  

3 70  33  44  483  67  

4 70  30  41  434  66 

5 70  28  39  434  66  

 

In Table 5.2, LWHP, Di, and De are described in Figure B. 1, and d1u, d1l in Figure 5.5.  

The beam flange reinforcing plates were designed according to Garlock, Sause and 

Ricles (2007) and their characteristics are listed in Table 5.3. In Table 5.3, fy,rp is the 

yield stress of the beam flange reinforcing plates, Lrp is their length (along the 

longitudinal axis of the beam), brp is their width (i.e., vertical to the longitudinal axis 
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of the beam), and trp, their thickness. The beam web reinforcing plates and the 

supporting plates (for the WHPs) were designed against the design procedure of 

Vasdravellis, Karavasilis and Uy (2014). Beam web reinforcing plates were placed 

after the end of the beam flange reinforcing plates. These plates were designed 

according to Kim and Christopoulos (2009a; b) and used to ensure a ductile plastic 

hinge formation.  

Table 5.3 Beam flange reinforcing plates characteristics per floor  

Floor  fy,rp (MPa)  Lrp (mm)  brp (mm)  trp (mm)  

1 275  1392  210  35  

2 275  1660  220  46  

3 275  1416  210  35  

4 275  1092  200  26  

5  275  743  200  22  

 

The characteristics of the PT bars of the PT beam-column connections per floor are 

presented in Table 5.4.  

Table 5.4 PT bars characteristics per floor  

Floor  Number of bars 
per beam/floor  

fy,PT (MPa)  dPT (mm)  T0 (kN)  

1  2 930  50  1086.93  

2  2 930  60  1255.54  

3  2 930  48  1086.93  

4  2 930  38  941.226  

5  2 930  36  941.226  

 

In Table 5.4, fy,PT is the yield stress of the PT bars, dPT their diameter, and T0 the initial 

PT force in both PT bars.  

The panel zones of the PT beam-column connections were reinforced with doubler 

and continuity plates and were designed against EC8 (BS EN 1998-1, 2013) and EC3 

(BS EN 1993-1-1, 2009).  
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5.3.3 The SCMRF-CB  

5.3.3.1 Description of the SCMRF-CB  

Figure 5.6 shows in detail the bottom-left part of the Elevation A of the SCMRF-CB 

(Detail 1 in Figure 5.2). The SCMRF-CB is the SCMRF of the previous section, 

equipped with the novel column bases instead of the conventional, fixed column bases. 

As described above (Section 5.3), all other design characteristics (i.e., member 

sections, and beam-column connections) are the same as those of the SCMRF.  

Figure 5.6 Detailed elevation of the bottom-left part of the SCMRF-CB (1st bay-1st floor: 
Detail 1 in Figure 5.2)  

 

The building is assumed to be connected to the foundation utilizing the 

implementation scenario configuration shown in Figure 3.24(b), i.e., with a 

conventional foundation (grade beams) using small-height piles.  
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5.3.3.2 Design of the SCMRF-CB  

The SCMRF-CB is designed using the EC8-based seismic design procedure of the 

SCMRF (Section 5.3.2), supplemented with the design procedure for the novel column 

base described in Chapter 3. Hence, the target building performance of the SCMRF-

CB satisfies the target performance of the novel column bases, determined according 

to Section 3.2, in addition to the selected target building performance of the SCMRF. 

The design assumptions of the SCMRF-CB are the same as those of the SCMRF.  

All four column bases in the SCMRF-CB were designed for the same effects of actions 

and for the same MD/MIGO and MIGO/MN,pl,Rd,c ratios, equal to 0.65 and 0.35, 

respectively, as these were found to better satisfy the target column base performance. 

The axial force N was derived from the analysis of the MRF (Section 5.3.1) for the 

load combination G+0.3Q (Section 3.5.1), corresponding to the design axial force of 

the two central columns (Figure 5.1). As such, N was found equal to 872.24 kN.  

The materials of the basic components of the column base are as follows: (a) Duplex 

SS2205 stainless steel grade with 400 MPa yield stress for the WHPs; (b) S355 steel 

grade (yield stress 355 MPa) for the web and the supporting plates; (c) Y1050 steel 

grade (VSL International Ltd 2013) with yield stress 1634 MPa for the tendons; (d) 

S355 steel grade for the anchor stand, the anchor stand stiffeners, the CFT, the shear 

bumpers and the base plate.  

The novel column bases are initially designed against a target base rotation θt, which 

is approximated as being equal to the IDR of the first floor of the MRF, ,1
,max

stMRF floor
s , 

for its adopted target building performance. This simplification is based on the 

presumption that the θt values of the column bases of the SCMRF-CB are smaller than 
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the ,1
,max

stMRF floor
s  because: (a) the MRF has larger peak IDR from the SCMRF-CB in the 

first storey (1.66% for the MRF against 1.15% for the SCMRF-CB, as it will be shown 

below); and (b) the peak IDR in the first floor of the SCMRF-CB, ,1
,max

stSCMRF CB floor
s

 , is 

always larger than θt, given that the former incorporates the flexibility of the base 

columns. Thus, using in the Relation (3.66) a θt value larger than the actual θt value 

yields a larger value of LER,min,t. This, in turn, ensures that the tendons will not yield 

for the actual θt value.  

To compensate for the increased LER,min,t from the above process, the designer can opt 

for a more economical design for the novel column bases following the next steps: (1) 

for the initially selected value of LER obtain a tentative design for the novel column 

bases; (2) run a preliminary pushover analysis for the SCMRF-CB, considering the 

aforementioned tentative column base design, and obtain the actual target base rotation 

of the SCMRF-CB; (3) substitute the new θt into Relation (3.66) and repeat the design 

procedure of Section 3.6 to attain an improved (in terms of economy) design for the 

column bases. The process is iterative and can be repeated based on the degree of 

accuracy to be achieved by the designer.   

From all the above, the final design of all four column bases (with 8 WHPs) of the 

SCMRF-CB was obtained. In particular, the design yielded the following results: 

T=233.35 kN; De=28 mm; Di=18 mm; LER=4.8 m; DER=34 mm. The energy dissipation 

ratio, βE (Section 5.3), for the aforementioned column base design was calculated from 

the following relationship:  
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where MWHP(θmax) is the moment contribution of the WHPs for the maximum base 

rotation, θmax, which is obtained at the novel column bases; and MR is the so-called 

returning moment (refer to Section 3.5.4) for the aforementioned maximum base 

rotation, θmax. βE was found equal to 0.43, i.e., smaller than the self-centering limit of 

0.50 reported in Section 5.3.  

All other design details of the novel column bases are those of Table 4.1.  

5.4 Nonlinear models for the design cases 

To investigate the resilience-based seismic performance of the SCMRF-CB (Section 

5.1), the 2D frame model of Figure 5.7 was developed in OpenSees to simulate both 

the SC-MRFs. For comparison with the OpenSees models of the two SC-MRFs 

(referred to as SC-MRF models), the OpenSees model of the MRF (referred to as MRF 

OpenSees model) was also employed. The MRF OpenSees model was derived from 

the work of Tzimas, Dimopoulos and Karavasilis (2015),  since the MRF of this study 

is the MRF of the later research work, as it was reported earlier in Section 5.3.1.  

The MRF OpenSees model is assumed to have rigid and full-strength connections, the 

same cross-sections, and similar drift performance to the SAP 2000 model of the MRF 

of Section 5.3.1 (referred to as MRF SAP2000 model). However, as opposed to the 

MRF SAP2000 model, the panel zones of the MRF OpenSees model were 

strengthened with doubler and continuity plates, and its beams were modelled as 

elastic elements with zero-length rotational springs at their ends that exhibit strength 

and stiffness deterioration (bilin material – Section 5.4.1), connected directly to the 

rigid elements of the panel zones.  
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Figure 5.7 OpenSees model for the two SC-MRFs. Details 1 to 6 can be seen in Appendix F  
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The OpenSees model of the SCMRF is referred to as SCMRF OpenSees model, while 

that of the SCMRF-CB as SCMRF-CB OpenSees model. The common characteristics 

that both SC-MRF models share are described next.  

In the SC-MRF models, the gravity columns associated with each of the two X-axis 

seismic-resistant frames are modelled as three lean-on columns, i.e., one for each bay 

of the frame. The lean-on columns carried the seismic mass and the gravity loads not 

directly applied to the frame. The lean-on columns of the SC-MRF models are 

modelled as elastic beam-column elements. These elements have axial stiffness equal 

to one hundred times the axial stiffness of the beams.  

The diaphragm action of the slabs is modelled with truss elements connecting the lean-

on column nodes of each floor to nodes placed at the attachment points of the 

secondary beams to the main beams of the frames as seen in Figure 5.8. These trusses 

have axial stiffness one hundred times the axial stiffness of the beams.  

The modelling of the beams and the columns is described in the next sections, in 

parallel with the description of the modelling of the final designs of the PT beam-

column connections, which is common for both the SC-MRFs (Section 5.3.2.2), and 

that of the final design of the novel column bases of the SCMRF-CB (Section 5.3.3.2).    

5.4.1 Nonlinear modelling of the PT beam-column 

connections  

The particular typology of the PT beam-column connections of the two SC-MRFs, 

which was thoroughly described in Section 5.3.2.1, was modelled in OpenSees based 
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on the proposed model of Dimopoulos, Karavasilis, et al. (2013). The aforementioned 

model is shown in Figure 5.8.  

 

Figure 5.8 OpenSees model for the PT beam-column connection  

 

The model in question was calibrated against experimental results by Vasdravellis, 

Karavasilis and Uy (2013b) and found to accurately simulate the behaviour of the 

specific PT beam-column connection typology.  

The reinforced parts of the beams are modelled with nonlinear, force-based beam-

column fiber elements. The length of each part is defined by the length of the 

corresponding beam flange reinforcing plate, Lrp, presented in Table 5.3. For the 

modelling of the columns the reader is referred to Section 4.3.1. Each reinforced part 

is modelled with one fiber element. Figure 5.9 illustrates the geometry and the 

description of a fiber element [after Garlock (2002)].  



 

164 
 

 

Figure 5.9 Geometry and description of a fiber element in OpenSees (Garlock, 2002)  

 

The type of this element is a distributed plasticity element. That means that the 

nonlinear inelastic response is distributed along the length and the cross section of the 

element. Force-based fiber elements assume linear moment distribution and constant 

shear and constant axial force along the length of the element. Each element is divided 

into a number of segments along its length. All the beams in the SC-MRF models are 

divided in six segments. The cross-section properties are constant within each 

segment, but can vary from one segment to another. The behaviour of each segment 

is monitored at its midlength (integration points), i.e., at a slice. The slice is composed 

of a number of fibers. In each slice, each flange consists of four fibers and the web 

consist of 8 fibers. Each fiber has a specified distance from the longitudinal reference 

axis of the member, a cross-section area, and a defined stress-strain relationship. The 

stress-strain relationship is expressed by a uniaxial material with a bilinear 

elastoplastic behaviour, which is represented by the steel01 material of OpenSees 

(refer to Figure 4.9). The post-yield stiffness ratio of the steel01 material is 0.003.  

Beam local buckling is expected just after the end of the beam flange reinforcing plates 

(Figure 5.8) (Kim and Christopoulos, 2008) and thus – as suggested by Lignos, 

Krawinkler and Whittaker (2011) – the unreinforced parts of the beams are modelled 

as elastic elements with zero-length rotational springs at their ends that exhibit strength 

and stiffness deterioration (see Table F. 3 for details). This behaviour is expressed by 



 

165 
 

the bilin material of OpenSees. The bilin material simulates the modified Ibarra-

Medina-Krawinkler deterioration model with bilinear hysteretic response (Lignos and 

Krawinkler, 2011), shown in Figure 5.10.  

 

Figure 5.10 Modified Ibarra-Medina-Krawinkler deterioration model; backbone curve, basic 
modes of cyclic deterioration, and definitions (Lignos, Krawinkler and Whittaker, 2011)  

 

According to Lignos, Krawinkler and Whittaker (2011), the aforementioned 

deterioration model is based on a backbone curve that defines a boundary for the 

behaviour of a structural component and establishes strength and deformation bounds, 

and a set of rules that define the basic characteristics of the hysteretic behaviour 

between the bounds.  

Rigid, elastic beam-column elements are used to model the beam-column interface 

(Figure 5.8) in the PT beam-column connections. The material for these elements is a 

uniaxial material with Young’s modulus one thousand times the Young’s modulus of 

the unreinforced parts of the beams. Table F. 6 lists those elements along with their 

characteristics.  

The modelling of the gap opening mechanism in the beam-column interface of the PT 

beam-column connection was modelled in the same way as the corresponding 
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mechanism of the FEM model of the proposed column base in Section 4.3.1. As such, 

a total of six zero-length, contact spring elements, three for each flange of the beam, 

was used to model the aforementioned mechanism. The springs were placed at equal 

distances along the thickness of the beam flange. More details can be found in Table 

F. 6. The material for those springs was the ENT material of OpenSees (Figure 4.10), 

in order to have an elastic compression-no tension, force-displacement behaviour. The 

axial stiffness of these springs was twenty times the elastic stiffness of the 

unreinforced parts of the beams. Larger values for the stiffness were found to 

practically produce the same results, but with more iterations to achieve convergence 

in the nonlinear analysis (Tzimas, Dimopoulos and Karavasilis, 2015).  

To model the two pairs of the WHPs in the PT beam-column connection, i.e., the upper 

and the lower WHPs [Figure 5.4(a)], two zero-length hysteretic springs (one for each 

pair) were placed at their exact locations along the depth of the web of the beam, as 

seen in Figure 5.8. These springs were modelled like the corresponding springs of 

Section 4.3.1. More information on these springs is provided in Table F. 5.  

To model the inelastic behaviour that the panel zones of the PT beam-column 

connections may experience even if reinforced with doubler plates (FEMA, 2007), the 

panel zones are modelled using the Scissors model (Charney and Downs, 2004), 

shown in Figure 5.11. This simple model has been found to produce identical results 

with the more complex and computationally expensive Krawinkler model 

(Krawinkler, 1978) which mimics the actual panel zone distortion and thus more 

accurately portrays its true kinematic behaviour. The scissors model introduces four 

additional rigid elastic beam-column elements and two (compound) nodes in the panel 

zone centre, connected with two zero-length rotational springs. These springs have 
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bilinear elastoplastic hysteresis, represented by the steel01 material of OpenSees 

described above (Section 4.3.1). The properties of the springs reflect the contribution 

of the column web, including the doubler plates and the column flanges, in the shear 

force-deformation behaviour of the panel zone.  

 

Figure 5.11 The scissors model (Charney and Downs, 2004)  

 

Each pair of PT bars in the PT beam-column connections of each floor in the SC-MRF 

design case was modelled as one truss element. Table F. 4 lists these elements along 

with their yield strength. The truss elements are running parallel to the beams’ 

centreline axes. They are connected to the external nodes of the panel zones of the left 

and right exterior columns, as can be seen from the drawings of the PT beam-column 

connections in Appendix F. Each truss element has a cross-sectional area, APT, and 

material with bilinear elastoplastic hysteresis, represented by the steel01 material of 

OpenSees. The post-stiffness ratio of the steel01 material is 0.002. To account for the 

initial post-tensioning T, an initial strain equal to T/(APT∙EPT) is imposed on each truss 

element. Post-tensioning results in axial shortening of the beams and also in column 

deflections, facts that lead to a decrease in the initial PT force. To correct this decrease, 

the initial strain in the truss element is checked and then increased to ensure that the 

post-tensioning force in the PT bars is equal to T after the beam shortening.  
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5.4.2 Nonlinear modelling of the novel column bases  

The final design of the novel column bases, presented in Section 4.2, was modelled 

using the OpenSees model for the proposed column base, described in Section 4.3.1. 

Detailed drawings that describe the elements, the nodes, the BCs, and other data for 

the modelling of the novel column bases in the SCMRF-CB OpenSees model (refer to 

Section 5.4), are provided in Appendix F (Figure F. 11 to Figure F. 14).  

5.5 Nonlinear static analyses of the design cases  

Nonlinear monotonic static (pushover) and nonlinear cyclic static (push-pull) analyses 

are performed for the two SC-MRFs in order to: (1) obtain information related to 

parameters needed to design a PT frame with the novel column bases (e.g. initial 

stiffness of the frame, overstrength, etc.); (2) get a clearer understanding of the frame 

behaviour; and (3) estimate the expected plastic mechanisms and the distribution of 

damage, by determining the structural limit states of the PT frame. The nonlinear static 

analyses use the OpenSees frame models of Section 5.4, i.e., the MRF OpenSees 

model, the SCMRF OpenSees model, and the SCMRF-CB OpenSees model. In the 

interest of saving time, a limited amount of data which pertain to the nonlinear static 

analyses of the MRF (Section 5.3.1) and presented herein, were derived from the work 

of Tzimas, Dimopoulos and Karavasilis (2015).  

5.5.1 Monotonic pushover analyses  

The lateral loads applied to the frames of the design cases follow an inverted triangular 

force distribution (linear) similar to that specified in EC8. The height-wise distribution 

of the inertial forces per floor can be seen in Figure 5.12.  
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Figure 5.12 Direction and distribution pattern of the lateral loading in the static pushover 
analyses, and identification of columns, column bases and bay numbers  

 

In Figure 5.12, F1, F2, F3, F4, and F5 are the forces in the first, the second, the third, 

the fourth, and the fifth floor, respectively. The direction and the distribution pattern 

of these forces is also shown in the figure. The figure also presents the nomenclature 

of the four column bases in the three design cases which is useful for the reader and 

which is as follows: the extreme left column base is referred to as Column base 1, the 

middle left as Column base 2, the middle right as Column base 3, and the extreme 

right as Column base 4. The roof horizontal displacement at node 672, on the fifth-

floor level of lean-on column 2 (Figure 5.7), is used as the control parameter in the 

analyses of the OpenSees frame models. The monotonic analyses are stopped at a roof 

displacement equal to 1.68 m which corresponds to 10% roof drift ratio, θr.  

A nonlinear force-controlled static analysis under gravity loads and the applied post-

tensioning, is first performed. The stiff truss elements that simulate the diaphragm 

action (Figure 5.8) are not included in the SC-MRFs models for this analysis to allow 
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post-tensioning and initial beam shortening due to slab absence. Then, the truss 

elements are added in the model and a displacement-controlled pushover analysis is 

executed up to 10% θr.  

5.5.1.1 Global behaviour  

Figure 5.13 plots and compares the base shear (Vb) versus the roof displacement (dr) 

pushover responses of the MRF, the SCMRF, and the SCMRF-CB.  

 

Figure 5.13 Comparison of the pushover responses of the three design cases  

 

As seen from Figure 5.13, the SCMRF and the SCMRF-CB have almost the same 

initial stiffness, while the MRF has a lower initial stiffness. That is because the MRF 

OpenSees model (Section 5.4) does not include reinforced parts for the beams and it 

is thus expected to be more flexible. Moreover, the SC-MRFs seem to attain a 

smoother inelastic behaviour. In the MRF, once the plastic hinges are formed, the 

system’s strength and stiffness start deteriorating. Contrary to that, the SC-MRFs 

exhibit a delayed deterioration of their strength and stiffness which takes place after 

the peak V/W value is achieved. The SCMRF achieves a bigger strength than the 

conventional MRF because it incorporates the reinforced parts of the beams. The 
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SCMRF-CB has even larger strength than the SCMRF due to the additional strength 

from the CFTs.  

According to Elghazouli (2008), the overstrength factor of EC8, Ω=au/a1, for a 

codified structural system can be calculated from a pushover analysis, as follows:  

 
1

yV

V
   (5.2) 

where the Vy is the actual resistance of the system, corresponding to the maximum 

base shear obtained by a pushover analysis, and V1 is the base shear at the first yielding 

of any of the main structural components of the systems obtained from the same 

pushover analysis. These shear values are illustrated in Figure 5.14.  

 

Figure 5.14 Definition of shear values Vy and V1, on the basis of a base shear (Vb), versus 
roof displacement (dr) pushover analysis  

 

In Figure 5.14 Vb stands for the base shear of the system and dr for its roof 

displacement (refer to Appendix E) obtained from the pushover analysis. In particular 

for systems with metallic structural fuses (like the SC-MRFs), Vargas and Bruneau 

(2009) associate V1 with the first yielding of the structural fuses of the systems, which 

for the SCMRF and the SCMRF-CB coincides with the first yielding in their WHPs.  

Based on the findings of the pushover analyses of the two SC-MRFs, the overstrength 

factors obtained according to Equation (5.2), are listed in Table 5.5. Furthermore, 



 

172 
 

Table 5.5 shows that the design assumption of 1.3, which was adopted for the design 

of the MRF (Section 5.3.1), is very close to the overstrength factor that is obtained 

from the pushover analysis of the MRF OpenSees model and which equals to 1.53.  

Table 5.5 Overstrength factors for the three design cases, from pushover analysis of the 
OpenSees frame models  

Design case V1 (kN) Vy (kN) Ω 

MRF 1801.43 2755.74 1.53 

SCMRF 876.93 3429.22 3.91 

SCMRF-CB 672.24 3580.42 5.33 

Note: The values of V1 are referred to the first yielding mechanism of each system which 
is determined in Sections 5.5.1.2 to 5.5.1.4.  

 

On the other hand, it is seen that both the SC-MRFs have a significant increase in their 

overstrength with respect to the MRF. In particular, the SCMRF has a significant 

overstrength increase of about 155% with respect to the MRF, while the SCMRF-CB 

achieves an even larger overstrength increase of about 248% with respect to the MRF, 

and of about 36% with respect to the SCMRF. The increased Ω of the SCMRF-CB 

compared to the SCMRF seem to be justified by the findings of recent studies by 

Zareian and Kanvinde (2013) and Aviram, Stojadinovic and Der Kiureghian (2010), 

according to which an increase in the base stiffness of a conventional building results 

in a significant increase in its overstrength. In line with the above, the stiffer base of 

the SCMRF-CB compared to that of the SCMRF (for the reasons explained in Section 

5.6.4) justifies the relevant Ω increase. However, further research is needed to prove 

whether these findings can be safely extended to self-centering systems.  

5.5.1.2 Structural limit states of the MRF  

According to EC8, the expected structural limit states of the conventional MRF are 

the following: (1) the formation of plastic hinges in the column bases (i.e., in the 
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column foot of the ground floor column members); (2) the formation of plastic hinges 

at the ends of the beams of the frame; and lastly (3) the local bucking (collapse) of the 

beams at the same points at which the beam plastic hinges are expected.  

The design IDR limits of the MRF (described in Section 5.3.1) correspond to 0.61%, 

1.45%, and 2.24% θr, under the FOE, the DBE, and the MCE, respectively. These 

limits are plotted in Figure 5.15.  

 

Figure 5.15 Base shear coefficient-roof drift behaviour from nonlinear monotonic (pushover) 
static analysis of the MRF [after Tzimas, Dimopoulos and Karavasilis (2015)]  

 

Figure 5.15 shows the base shear coefficient (V/W; V: base shear; W seismic weight of 

the frame)-roof drift (θr) behaviour of the MRF from the nonlinear monotonic static 

(pushover) analysis along with its structural limit states and θr estimations under the 

FOE, the DBE and the MCE. The weight of the MRF can be found in Table 5.14.  

The first limit state is the column plastic hinge, which takes place at 0.55% θr, below 

the FOE roof drift level, θr,FOE (=0.61% θr). The next limit state is the beam plastic 

hinge formation, which occurs at 1.03% θr, below the DBE roof drift level, θr,DBE 

(=1.45% θr). The last limit state of this system is the first beam local buckling which 
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occurs at 3.0% θr, above the MCE roof drift limit, θr,MCE (=2.24% θr). The peak V/W 

is 0.26 and corresponds to 2.01% θr.  

5.5.1.3 Structural limit states of the SCMRF  

The SCMRF is checked against the limit states of the MRF, plus against: (1) the 

yielding at the PT bars of the PT beam-column connections; and (2) the yielding at the 

WHPs of the PT beam-column connections.  

Similarly to the MRF, the plastic hinges in the ground floor columns are expected at 

the lower part of the column members. As a result, this limit state is checked by 

monitoring the moment developed at the lower nodes of the fiber elements that model 

these members (Section 4.3.1). A plastic hinge is deemed to be formed when the above 

moment reaches the plastic moment of resistance (MN,pl,Rd,c) of the column section. 

Table F. 1 lists the relevant fiber elements, their upper and lower nodes, their position, 

the cross-sections that they are assigned with, and their yield strength.  

The formation of a plastic hinge in a beam is checked by monitoring the moment 

developed in one of the two zero-length rotational springs placed at the ends of the 

beam (Section 5.4). In particular, the hinge is deemed to be formed when the moment 

in either of the springs reaches the My moment of the modified Ibarra-Medina-

Krawinkler deterioration model (described in Section 5.4.1). The value of My depends 

on the size of the cross-section of the beam at which the spring is connected. Table F. 

3 lists the rotational spring elements, their characteristics, their positioning, the cross-

sections of the beam at which they are connected, and their yield strength.  

Local buckling at the beams of the SCMRF is deemed to occur when the moment 

developed in the rotational springs at the ends of the beams (described in the above 
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paragraph) reaches its peak value. This value is obtained from the pushover analysis 

and corresponds to the so-called capping moment, Mc, in the aforementioned modified 

Ibarra-Medina-Krawinkler deterioration model.  

The yielding at the PT bars of the PT beam-column connections is checked against the 

force developed in the truss elements that model these bars in the SCMRF OpenSees 

model. Each truss element models two PT bars. Table F. 4 lists the truss elements used 

in each floor, their position, and their yield strength, based on the characteristics of the 

PT bars described in Table 5.4. The PT bars are deemed to yield when the force in the 

truss element that models them reaches its yield strength value.  

The yielding at the WHPs of the PT beam-column connections is checked by 

monitoring the force developed in the translational spring elements that model them 

(Section 5.4.1). Each spring element models a pair of WHPs, and hence the yield 

strength of a spring corresponds to the yield strength of two (in our case) WHPs. Table 

F. 5 lists these springs, along with their positions, and their yield strength, based on 

their characteristics of the WHPs they model, derived from Table 5.2. A pair of WHPs 

is deemed to yield when the force developed in the corresponding spring reaches their 

yield strength.  

Adopting the same design drift performance with the MRF (Section 5.5.1.2), the 

design IDR limits of the SCMRF correspond to 0.59%, 1.61%, and 2.45% θr, under 

the FOE, the DBE, and the MCE, respectively. In addition to those limits, the roof 

drift ratios that correspond to 1.5 times the MCE (θs,max,1.5MCE = 4.05%) and 2 times 

the MCE (θs,max,2MCE = 5.40%) were calculated at 3.71% and 4.89% θr, respectively.  
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Figure 5.16 shows the base shear coefficient (V/W; V: base shear; W seismic weight of 

the frame)-roof drift (θr) behaviour of the SCMRF from the monotonic pushover 

analysis, along with its structural limit states and θr estimations under the FOE, the 

DBE and the MCE.  

 

Figure 5.16 Base shear coefficient-roof drift behaviour, from nonlinear monotonic (pushover) 
static analysis for the SCMRF  

 

As seen from Figure 5.16, the WHPs of the PT beam-column connection start 

activating at 0.17% θr, below θr,FOE (=0.59% θr). The column plastic hinge formation 

follows at 1.84% θr, above θr,DBE (=1.61% θr) and below θr,MCE (=2.45% θr). The first 

beam plastic hinge follows at 2.00% θr. The first beam local buckling (beam collapse) 

occurs at 3.51% θr. After this point, the strength of the system increases up to a 

maximum V/W of 0.32 at 3.98% θr. Then the system starts deteriorating while moving 

towards its last structural limit state which is the PT-bar yielding, at 5.02% θr. The 

SCMRF performs better than the MRF since it reaches all its structural limit states in 

higher roof drift levels.  
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Table 5.6 summarises the findings of the monotonic pushover analyses of the SCMRF. 

In the table, both the structural limit states and the design IDR limits are presented in 

the chronological order in which they are obtained. The order is indicated by the value 

of θr at which each limit state is obtained. Hence, a limit state which is obtained at a 

lower θr with respect to another limit state is deemed to be reached first and thus is 

presented first, i.e., at a higher row in the table.  

Table 5.6 Structural limits states and design IDR limits of the SCMRF   

Limit states and design IDR 
limits  

Position  θr (%)  Vb (kN)  Vb/W 

1 1st yielding at the WHPs 
of the PT beam-column 
connections 

Floor 1-Column 2, 
Top left side* 

0.19 876.93 0.081 

 FOE design IDR limit Floor 2 0.59  
(θr,FOE) 

1891.73 0.175 

 DBE design IDR limit Floor 2  1.61  
(θr,DBE) 

2759.56 0.256 

2 1st column plastic hinge Column base 3** 1.85 2870.98 0.266 

3 1st beam plastic hinge Floor 1, Bay 3, Left 
side†  

2.00 2945.42 0.273 

 MCE design IDR limit Floor 2  2.45  
(θr,MCE) 

3134.37 0.290 

4 1st beam local buckling Floor 1, Bay 3, Left 
side††  

3.52  3390.46 0.314 

 1.5∙MCE design IDR 
limit 

Floor 2  3.71  
(θr,1.5MCE) 

3412.52 0.316 

 2∙MCE design IDR limit Floor 2  4.89  
(θr,2MCE)  

3282.58 0.304 

5 1st yielding at the PT bars 
of the PT beam-column 
connections 

5th floor 5.02  3242.80 0.301 

 *: Refer to Figure F. 6 – Yielding at Element 857.  
**: Refer to Figure 5.7.  
†: Refer to Figure F. 8 – Yielding at Beam 28: Element 931.  
††: Refer to Figure F. 8 – Local buckling at Beam 28: Element 931.   
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5.5.1.4 Structural limit states of the SCMRF-CB  

In addition to the structural limit states of the SCMRF, the SCMRF-CB have also the 

following structural limit states: (1) the gap opening at the rocking interface of the 

novel column bases (Figure 3.7); (2) the yielding at the WHPs of the novel column 

bases; and (3) the yielding at the tendons of the novel column bases. The structural 

limit states that the SCMRF-CB has in common with the SCMRF (i.e., the plastic 

hinge formation at the column bases, the plastic hinge formation at the beams, and the 

beam local buckling) are identified like in Section 5.5.1.3. In particular, though, for 

the limit state of the column base plastic hinges, the fiber elements at which the 

MN,pl,Rd,c is checked, along with their relevant information, are taken from Table F. 2.  

The gap opening at the rocking interfaces of the novel column bases is identified by 

checking the vertical displacement at the extreme nodes of the nodes that are used to 

model their foot end plates in the SCMRF-CB OpenSees model (see Figure 4.8). Given 

the direction of the pushover loading (Figure 5.12), the only nodes that need to be 

checked are the extreme left nodes of the foot end plates. These nodes are described 

in Table F. 6 (bolded nodes). A gap is deemed to take place when the above vertical 

displacement takes a positive value.  

The yielding at the WHPs of the novel column bases is checked by monitoring the 

axial force which is developed in the hysteretic spring elements that model them in the 

SCMRF-CB OpenSees model (Section 5.4.2). Table F. 7 lists the spring elements that 

are checked, their position, and their yield strength, based on the number and the 

characteristics of the WHPs that they model. For the determination of the first yielding 

that will take place in these WHPs, and which is our only interest, only the WHPs at 
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the left side of the column bases are checked. That is due to the direction of the 

pushover loading which first activates the left-side WHPs, for the reasons explained 

in Section 3.5.2. When the axial force at a spring element reaches its yield strength 

value, then yielding is deemed to occur at the corresponding WHPs.  

The yielding at the tendons of the novel column bases is checked by monitoring the 

axial force developed in the truss elements that are used to model them (Section 4.3.1). 

Each truss element models two PT tendons in each side of the column base. Taking 

into account the direction of the pushover loading of Figure 5.12, only the left truss 

elements of the four column bases need to be checked. Table F. 8 lists these elements 

(bolded elements), their exact position and their yield strength. Yielding occurs at the 

elements, and hence at the tendons, when the aforementioned axial force reaches the 

yield strength of the two (in our case) left tendons.  

Adopting the same design drift performance as for the MRF (Section 5.5.1.2) and the 

SCMRF, the design IDR limits of the SCMRF-CB correspond to 0.60%, 1.59%, and 

2.44% θr, under the FOE, the DBE, and the MCE, respectively. In addition to those 

design limits, the roof drift ratios that correspond to 1.5 times the MCE (θs,max,1.5MCE = 

4.05%) and 2 times the MCE (θs,max,2MCE = 5.40%) were also calculated at 3.72% θr 

and 4.92% θr, respectively.  

Figure 5.17 shows the base shear coefficient (V/W; V: base shear; W seismic weight of 

the frame)-roof drift (θr) behaviour of the SCMRF-CB from the monotonic pushover 

analysis, along with its structural limit states and θr estimations under the FOE, the 

DBE and the MCE.  
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Figure 5.17 Base shear coefficient-roof drift behaviour, from nonlinear monotonic (pushover) 
static analysis for the SCMRF-CB  

 

The first gap in the novel column bases opens prior to θr,FOE (=0.60%). The building 

stiffness is constant up to 0.13% θr, where the WHPs of the column bases start 

activating. The building continues to deform with a slightly smaller stiffness up to 

0.21% θr, where the WHPs of the PT beam-column connections are activated. From 

that point onwards the system responses with a changing stiffness while its strength 

continues to increase. The first beam plastic hinge at the end of the beam reinforcing 

plates occurs at 1.73% θr, well above θr,DBE (=1.59%). The first beam local buckling 

occurs at 3.35% θr, way above θr,MCE (=2.44%). The strength of the system continues 

to increase up to 4.22% θr, where the peak V/W is obtained, with a value equal to 0.33. 

The first PT-bar yielding at the PT beam-column connections occurs at 4.76% θr, 

followed by the first column plastic hinge at 4.83% θr, at almost 2 times the θr,MCE, 

when the SCMRF does so immediately above the DBE. Finally, the yielding at the 

tendons of the column bases occurs at 5.23% θr, significantly higher than 2 times the 

θr,MCE. Regarding the beam plastic hinge and local buckling limit states, the SCMRF-

CB attains similar performance to the SCMRF.  
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By appropriate tuning of the rotational stiffness and strength of the novel column bases 

a higher performance for the SCMRF-CB can be achieved, pushing the above failure 

modes towards higher drift levels.  

Table 5.7 summarises the results of the pushover analysis of the SCMRF-CB.  

Table 5.7 Structural limits states and design IDR limits of the SCMRF-CB  

Limit states and design 
IDR limits 

Position θ (%) θr (%) Vb 
(kN) 

Vb/W 

1  1st gap opening at the 
column bases  

Column base 1*  0.0005 0.021  110.8 0.010  

2  1st yielding at the WHPs 
of the column bases  

Column base 1* 0.0536  0.131  672.2  0.062 

3  1st yielding at the WHPs 
of the PT beam-column 
connections  

Floor 1-Column 
2, Top left side**  

0.1158 0.211  1023.8 0.095  

 FOE design IDR limit  2nd floor  0.5008 0.598 (θr,FOE) 1746.8 0.162  

 DBE design IDR limit  2nd floor  1.2773 1.592 (θr,DBE) 2541.9 0.236 

4  1st beam plastic hinge  Floor 1, Bay 3, 
Left side† 

1.3772 1.733  2636.9 0.244  

 MCE design IDR limit  2nd floor  1.9242 2.444 (θr,MCE) 3068.7 0.284  

5  1st beam local buckling  Floor 1, Bay 3, 
Left side†† 

2.6605 3.346 3442.2 0.319  

 1.5∙MCE design IDR 
limit  

2nd floor  2.9810  3.724 
(θr,1.5MCE) 

3534. 0.328  

6  1st yielding at the PT bars 
of the PT beam-column 
connections   

5th floor  3.7859  4.758  3507.9 0.325  

7  1st column plastic hinge  Column base 3, 
Element 1110‡  

3.8304  4.827  3491.1 0.324  

 2∙MCE design IDR limit  2nd floor  3.8910  4.923 (θr,2MCE) 3461.7 0.321 

8  1st yielding at the tendons 
of the column bases   

Column base 3, 
Left tendon‡‡  

4.0495  5.234 3356.9 0.311  

 *: Refer to Figure 5.7.  
**: Refer to Figure F. 6 – Yielding at Element 857.  
†: Refer to Figure F. 8 – Yielding at Beam 28: Element 913.   
††: Refer to Figure F. 8 – Local buckling at Beam 28: Element 913.  
‡: Refer to Figure F. 13 – Yielding at Element 1110.  
‡‡: Refer to Figure F. 13 – Yielding at Element 1117.  
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Similarly to Table 5.6, both the structural limit states and the design IDR limits of the 

SCMRF-CB are presented in the above table in the chronological order in which they 

are obtained, meaning that (like in Table 5.6) limit states which are obtained at a lower 

θr are deemed to be reached first and so they are presented first, i.e. at higher rows in 

the table.  

5.5.2 Cyclic nonlinear static analyses  

The cyclic (push-pull) nonlinear static analyses are performed by imposing inertial 

forces – similar to those of the monotonic pushover analyses of the previous section – 

on the three OpenSees frame models (Section 5.5) in four steps. In the first step, lateral 

forces are applied in the same manner as that of Section 5.5.1, but with the difference 

that these analyses are stopped at a roof displacement equal to 0.27 m. This maximum 

imposed displacement corresponds to the DBE roof drift ratio, denoted as θr,DBE, which 

is equal to 1.6%. Then, in the second step, the frames are forced to return back to their 

initial position, i.e., at the position of their initial equilibrium. In the third step, the 

same loads in terms of magnitude, are imposed in the frames, but with a direction 

which is opposite to that of the first step. Finally, in the last, fourth step, the frames 

are forced back to their equilibrium position.  

Figure 5.18 shows the V/W-θr behaviour of the MRF, from nonlinear cyclic (push-

pull) static analysis under the DBE seismic hazard intensity. As seen from the figure, 

the MRF exhibits a significant residual roof drift at the end of the analysis, of the order 

of 0.62%, due to first floor column yielding.  
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Figure 5.18 Base shear coefficient-roof drift behaviour in cyclic static analysis up to the DBE 
roof drift, for the MRF  

 

Figure 5.19 shows the V/W-θr behaviour of the SCMRF, from nonlinear cyclic (push-

pull) static analysis under the DBE.  

 

Figure 5.19 Base shear coefficient-roof drift behaviour in cyclic static analysis up to the DBE 
roof drift, for the SCMRF  

 

Figure 5.20 shows the V/W-θr behaviour of the SCMRF-CB, from nonlinear cyclic 

(push-pull) static analysis under the DBE.  
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Figure 5.20 Base shear coefficient-roof drift behaviour in cyclic static analysis up to the DBE 
roof drift, for the SCMRF  

 

As seen from Figure 5.20, the SCMRF-CB eliminates residual drifts and achieves a 

full self-centering behaviour. The SCMRF (Figure 5.19) has an appreciable residual 

θr (0.18%) under the DBE, due to column base plastic hinging.  

5.5.3 Assessment of the design cases based on nonlinear 

static analyses  

The results of the nonlinear static analyses demonstrate that the proposed column 

bases can improve the structural performance and resilience of steel buildings. This is 

achieved by avoiding damage in the column bases (damage in the column bases occurs 

way beyond the peak V/W limit – the peak V/W limit represents the initiation of the 

deterioration of the system), achieving self-centering behaviour under the design 

seismic actions for the buildings that incorporate the novel column bases, and by 

generally pushing the critical structural limit states of these buildings to higher drift 

levels.  
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Table 5.8 summarises the structural limit states of the three design cases and compares 

them in terms of roof drift.  

Table 5.8 Limit state performance of the three design cases in terms of roof drift, θr  

System Limit states of the design cases in terms of roof drift, θr (%) F
irst yielding at the W

H
P

s of 
the beam

-colum
n connections  

F
irst beam

 plastic hinge 

F
irst beam

 local buckling 

F
irst yielding at the P

T
 bars of 

the beam
-colum

n connections  

F
irst colum

n plastic hinge 

F
irst gap opening at the 

colum
n bases  

F
irst yielding at the W

H
P

s of 
the colum

n bases  

F
irst yielding at the tendons of 

the colum
n bases  

MRF - 1.03 3 - 0.55 - - - 

SCMRF 0.19  2.00  3.52  5.02  1.85  - - - 

SCMRF-CB 0.21  1.73  3.35  4.76  4.83  0.02  0.13  5.23  

Note: The values of the table have been rounded off to two decimal digits.  

 

Comparing the limit state performance of the SCMRF-CB and the conventional MRF, 

Table 5.8 shows that the SCMRF-CB increases the roof drift at which the first beam 

plastic hinge occurs, by 68% with respect to the roof drift at which the same limit state 

is reached in the conventional MRF. Regarding the first local buckling in the beams, 

the SCMRF-CB increases the roof drift at which this limit state is reached, by 12% 

compared to the roof drift at which this limit state is reached in the MRF. Regarding 

the first formation of plastic hinges in the column bases, the SCMRF-CB increases by 

an impressive 778% the roof drift at which the limit state is reached (way beyond the 

peak V/W roof drift limit of the frame, which is obtained at 4.22% θr) compared to the 

roof drift at which the MRF experiences the same limit state. Furthermore, based on 

what reported in Sections 5.5.1.2 and 5.5.1.4, the SCMRF-CB achieves a peak V/W 
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coefficient which is 30% larger than that of the MRF and is obtained at a 110% larger 

θr.  

Comparing the limit state performance of the SCMRF-CB and the SCMRF, Table 5.8 

shows that the SCMRF-CB reaches the first beam plastic hinge limit state 13% earlier 

than the SCMRF. Similarly, the SCMRF-CB reaches the first local buckling limit state 

5% earlier than the SCMRF. However, these differences are very small and are 

expected to be alleviated, or reversed in favour of the SCMRF-CB, by a proper 

modification of the structural properties of the novel column bases (Zareian and 

Kanvinde, 2013). This can be achieved by redesigning the column bases for different 

MD/MIGO, and MIGO/MN,pl,Rd,c ratios. On the other hand, the SCMRF-CB increases the 

roof drift at which the first column plastic hinge is reached, by an impressive 162% 

compared to the roof drift at which the SCMRF experiences the same limit state, 

pushing this very crucial failure mode beyond its peak V/W limit. This means that 

essentially the novel column bases will never experience damage for their given 

design. This fact is of a major importance since the main problem of the SC-MRFs (as 

mentioned above in Section 1.3.2) is that they cannot offer economical earthquake-

resilient solutions that can cover all possible target building performances, because 

they cannot avoid the damage in the column bases in the form of column plastic 

hinges. Furthermore, based on what reported in Sections 5.5.1.3 and 5.5.1.4, the 

SCMRF-CB achieves a peak V/W coefficient which is 4% larger than that of the 

SCMRF and is obtained at a 6% larger θr.  



 

187 
 

5.6 Nonlinear response-history analyses of the 

design cases  

This section presents the nonlinear response-history (dynamic) analyses (also known 

as time-history analyses) of the three design cases (Section 5.3) and discusses their 

results. The objectives of the nonlinear response-history analyses are: (1) to assess the 

seismic performance of the proposed column bases; (2) to evaluate the design criteria 

of Section 3.6; and (3) to evaluate the effect of the novel column bases on the seismic 

response of the three design cases.  

All design cases are subjected to a suite of nonlinear response-history analyses using 

the natural earthquake accelerograms that are presented in Section 5.6.1. The results 

of the analyses depend not only on the characteristics of the frames but also on the 

characteristics of the aforementioned ground motions.  

5.6.1 Ground motions  

A suite of 22 recorded far-field ground motions (i.e., recorded on sites located greater 

than or equal to 10 km from the fault rupture), developed by the ATC-63 project 

(FEMA, 2009), was utilized for nonlinear response-history analyses. The selected 

ground motions comply with specific record selection criteria, defined in the 

aforementioned project, and are considered to cover a wide range of earthquake 

characteristics and. In particular, the ground motions were recorded on stiff soil, did 

not exhibit pulse-type near fault characteristics, and were scaled to the DBE and MCE 

seismic hazard levels according to the procedure proposed by the aforementioned 

project. Table 5.9 summarises the characteristics of the 22 ground motions.  
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Table 5.9 Characteristics of the selected ground motions and scale factors to DBE and MCE  
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According to the methodology of FEMA P695 (FEMA, 2009), the scaling process of 

the ground motion records involves two steps; the normalization and the scaling. First, 

all individual records are normalized by their respective peak ground velocities as 

described in Appendix A of FEMA P695. However, this step has already been 

performed as part of the ground motion development process, and so the ground 

motions developed by the ATC-63 project already reflect this normalization.  

Second, the normalised ground motions of the first step are scaled to a specific ground 

motion intensity (in this case to the DBE and MCE seismic hazard intensity level) such 

that the spectral acceleration of each record matches the spectral acceleration at the 

fundamental period, T1, of the building that is being analysed. Specifically, the record 

scaling step has the following substeps: (a) first, for the specific building under 

evaluation, the spectral acceleration, Se, is calculated based on the elastic response 

spectrum of EC8 for the fundamental period of the building, which is computed using 

eigenvalue analysis; (b) second, each record is converted into a spectrum, and the 

spectral acceleration value that corresponds to the fundamental period of the building, 

ST, is then determined; (c) third, to derive the DBE-scaled ground motions, each record 

is multiplied by a specific scale factor, which is determined as SF=Se/ST; (d) fourth, 

the MCE-scaled ground motions are derived by multiplying the relevant DBE-scaled 

ground motions of the previous substep by the factor 1.5. The scale factors that were 

used to scale the 22 ground motions to the DBE and the MCE seismic hazard 

intensities of EC8 can be seen in Table 5.9.  

Figure 5.21 shows the spectra of the 22 ground motion accelerograms scaled to the 

DBE seismic hazard intensity of EC8 for the SCMRF-CB design case, according to 

the aforementioned procedure of FEMA P695; the median of the 22 ground motion 
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spectra; the median plus one standard deviation ground motion spectrum; the median 

minus one standard deviation ground motion spectrum; and the design spectrum of 

EC8.  

 

Figure 5.21 Comparison of the design spectrum of EC8, with the spectra of the ground 
motions used for the nonlinear dynamic analyses  

 

Figure 5.21 illustrates the convergence of the 22 DBE-scaled ground motion records 

at the abscissa of the diagram that corresponds to the fundamental period of the 

SCMRF-CB design case. The aforementioned convergence represents the second step 

of the scaling process of the FEMA P695 methodology which was described above. 

As it can be seen, the fundamental period of the SCMRF-CB is represented in the 

above figure by the vertical purple dashed line. Similarly to the MRF and the SCMRF, 

the fundamental period of the SCMRF-CB was computed using eigenvalue analysis 

and found equal to 0.92 sec. Table 5.14 below, lists the fundamental period values of 

all three design cases. The common spectral acceleration ordinate at which all 22 

scaled ground motions converge is the previously described spectral acceleration 

value, Se, which was found equal to 6.286 m/sec2 or 0.64g, where g the gravitational 

acceleration).  
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5.6.2 Modelling for the nonlinear dynamic analyses  

The Newmark constant average acceleration method is utilized for the integration of 

the equations of motion. The Newton-Raphson method with initial tangent stiffness 

iterations is employed to solve the nonlinear residual equations at each integration 

step. The step was selected equal to 0.001 sec to enhance the convergence of the 

method. A Rayleigh damping matrix is used to model the inherent 3% critical damping 

at the first two modes of vibration.  

In the first place, a nonlinear, force-controlled static analysis under the gravity loads 

is performed for the SC-MRFs, following the process described in Section 5.5.1. Then, 

the post-tensioning at the PT-bars and at the tendons is checked and corrected if 

needed. The truss elements are then added in the models, and nonlinear dynamic 

analyses are performed. Each of these analyses is extended well beyond the actual 

earthquake time to allow for the damped free vibration decay and thus for accurate 

θs,res calculation. An average number of three thousand null acceleration points were 

added to the accelerograms for that reason.   

5.6.3 Seismic response results  

The results of the nonlinear response-history analyses for the SCMRF and the 

SCMRF-CB were post-processed and the median IDRs at each floor of the two 

systems for the 22 scaled earthquakes were derived.  

Table 5.10 and Table 5.11 show the median peak and residual IDRs, respectively, at 

each floor of the SCMRF under the DBE and the MCE.  
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Table 5.10 Peak IDRs (%) per floor for the SCMRF, from nonlinear response-history 
analyses under the 22 scaled ground motions  

Quake  Floor  

ID 1 2 3 4 5 

  DBE MCE DBE MCE DBE MCE DBE MCE DBE MCE 

1 0.717 1.851 0.923 1.704 0.911 1.596 0.955 1.452 1.231 1.520 

2 1.124 2.035 1.565 1.996 1.611 1.826 1.619 1.814 1.707 1.944 

3 1.710 2.646 1.604 2.336 1.321 2.002 1.354 2.067 1.381 2.143 

4 0.968 1.102 1.105 1.548 1.349 1.551 1.670 2.573 1.990 3.269 

5 0.862 1.548 0.989 1.557 0.920 1.474 0.973 1.398 0.948 1.252 

6 1.103 1.240 1.396 1.742 1.341 1.900 1.200 1.938 0.990 1.760 

7 1.782 2.107 1.728 2.083 1.869 2.127 2.514 2.981 2.635 3.154 

8 0.774 1.116 1.060 1.556 1.063 1.649 1.036 1.706 0.867 1.554 

9 0.696 1.142 0.897 1.601 1.097 1.733 1.518 2.411 1.643 2.575 

10 0.889 1.897 1.186 1.925 1.192 1.819 1.146 1.926 1.015 1.865 

11 1.603 2.002 1.941 2.278 2.026 2.490 2.050 2.694 1.907 2.586 

12 0.893 1.157 1.063 1.564 1.053 1.705 1.232 1.841 1.236 1.912 

13 1.049 1.944 1.276 2.023 1.320 1.991 1.314 1.893 1.115 1.683 

14 1.433 1.867 1.568 1.957 1.505 1.905 1.437 1.972 1.256 1.826 

15 1.097 2.446 1.427 2.163 1.671 2.301 2.321 3.199 2.638 3.600 

16 1.878 2.937 2.029 2.851 1.981 2.586 1.896 2.419 1.705 2.276 

17 0.860 1.298 1.090 1.453 1.069 1.300 1.037 1.597 0.877 1.673 

18 1.232 1.792 1.581 2.266 1.782 2.494 1.867 2.798 1.779 2.783 

19 1.769 2.224 2.121 2.706 2.246 2.814 2.309 2.925 2.265 3.020 

20 1.910 2.479 2.091 2.730 2.271 2.845 2.523 3.443 2.459 3.513 

21 0.985 1.532 1.365 1.803 1.336 2.072 1.434 2.409 1.411 2.491 

22 1.926 2.608 1.983 2.522 1.832 2.297 1.840 2.423 1.751 2.453 

 

  



 

193 
 

 

Table 5.11 Residual IDRs (%) per floor for the SCMRF, from nonlinear response-history 
analyses under the 22 scaled ground motions  

Quake  Floor  
ID 1 2 3 4 5 

  DBE MCE DBE MCE DBE MCE DBE MCE DBE MCE 
1 0.072 0.037 0.018 0.008 0.005 0.001 0.008 0.005 0.011 0.009 
2 0.318 0.533 0.101 0.148 0.027 0.041 0.018 0.024 0.017 0.022 
3 0.225 0.234 0.056 0.061 0.019 0.026 0.004 0.010 0.003 0.003 
4 0.019 0.070 0.004 0.014 0.002 0.007 0.005 0.135 0.009 0.118 
5 0.049 0.032 0.012 0.005 0.003 0.002 0.007 0.003 0.010 0.007 
6 0.149 0.219 0.043 0.054 0.011 0.013 0.010 0.011 0.012 0.013 
7 0.110 0.222 0.030 0.084 0.007 0.114 0.008 0.116 0.011 0.078 
8 0.070 0.022 0.017 0.006 0.005 0.004 0.008 0.003 0.011 0.007 
9 0.082 0.005 0.020 0.003 0.006 0.085 0.009 0.042 0.012 0.027 
10 0.142 0.158 0.135 0.041 0.011 0.010 0.010 0.010 0.013 0.012 
11 0.118 0.078 0.035 0.019 0.010 0.009 0.011 0.000 0.014 0.005 
12 0.049 0.080 0.013 0.014 0.003 0.004 0.007 0.005 0.010 0.010 
13 0.028 0.221 0.008 0.049 0.001 0.019 0.006 0.005 0.010 0.001 
14 0.002 0.057 0.000 0.014 0.002 0.003 0.004 0.007 0.008 0.010 
15 0.121 0.188 0.037 0.055 0.004 0.001 0.004 0.100 0.005 0.092 
16 0.051 0.123 0.012 0.033 0.000 0.024 0.004 0.008 0.007 0.001 
17 0.063 0.115 0.017 0.024 0.004 0.009 0.007 0.002 0.010 0.007 
18 0.074 0.081 0.023 0.031 0.007 0.012 0.010 0.013 0.013 0.015 
19 0.111 0.137 0.035 0.078 0.013 0.021 0.015 0.016 0.017 0.018 
20 0.156 0.460 0.047 0.170 0.013 0.030 0.012 0.066 0.013 0.090 
21 0.033 0.270 0.007 0.056 0.001 0.018 0.006 0.002 0.009 0.005 
22 0.193 0.207 0.057 0.058 0.012 0.010 0.010 0.008 0.011 0.010 
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Table 5.12 and Table 5.13 show the median peak and residual IDRs, respectively, at 

each floor of the SCMRF-CB under the DBE and the MCE.  

Table 5.12 Peak IDRs (%) per floor for the SCMRF-CB, from nonlinear response-history 
analyses under the 22 scaled ground motions  

Quake  Floor  
ID 1 2 3 4 5 

  DBE MCE DBE MCE DBE MCE DBE MCE DBE MCE 
1 0.936 1.689 0.946 1.655 0.778 1.566 0.822 1.597 0.929 1.579 
2 1.309 2.239 1.571 1.937 1.364 1.691 1.178 1.579 1.136 1.558 
3 1.658 2.575 1.404 2.157 1.025 1.697 1.086 1.841 1.085 1.911 
4 0.774 1.261 0.849 1.298 1.076 1.375 1.308 1.857 1.367 2.202 
5 1.046 1.895 0.904 1.552 0.718 1.302 0.810 1.172 1.495 1.276 
6 1.148 1.465 1.143 1.549 1.030 1.544 0.883 1.155 0.685 1.221 
7 1.631 2.307 1.578 2.062 1.452 1.993 1.732 2.199 1.706 2.196 
8 0.772 1.171 0.840 1.168 0.789 1.131 0.678 1.059 0.489 0.859 
9 0.697 1.408 0.791 1.579 1.039 1.681 1.310 1.966 1.269 2.089 
10 1.395 2.115 1.334 2.004 1.223 1.986 1.177 2.165 1.003 2.113 
11 1.708 2.162 1.789 2.208 1.787 2.454 1.715 2.518 1.515 2.354 
12 0.923 1.676 1.035 1.796 1.000 1.591 1.062 1.754 0.973 1.669 
13 0.979 1.655 0.950 1.517 0.802 1.327 0.723 1.226 0.537 1.022 
14 1.241 1.945 1.154 1.718 0.983 1.503 0.778 1.406 0.562 1.167 
15 0.835 2.099 1.044 1.940 1.135 2.081 1.468 2.771 1.487 2.992 
16 1.713 2.551 1.640 2.401 1.452 2.215 1.248 1.957 1.093 1.790 
17 1.000 1.795 1.080 1.441 0.923 1.215 0.945 1.306 0.826 1.353 
18 1.432 2.006 1.702 2.344 1.643 2.485 1.510 2.575 1.279 2.364 
19 1.152 1.770 1.177 1.946 1.166 1.873 1.150 1.851 1.007 1.840 
20 1.956 2.474 1.723 2.540 1.532 2.287 1.591 2.522 1.529 2.410 
21 0.952 1.231 0.999 1.240 0.949 1.368 0.993 1.452 0.912 1.423 
22 1.649 2.438 1.596 2.319 1.430 2.084 1.405 2.130 1.217 1.947 
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Table 5.13 Residual IDRs (%) per floor for the SCMRF-CB, from nonlinear response-history 
analyses under the 22 scaled ground motions  

Quake  Floor  
ID 1 2 3 4 5 

  DBE MCE DBE MCE DBE MCE DBE MCE DBE MCE 
1 0.060 0.067 0.022 0.023 0.006 0.006 0.008 0.008 0.011 0.011 

2 0.057 0.072 0.018 0.029 0.002 0.010 0.004 0.011 0.008 0.014 

3 0.059 0.046 0.022 0.019 0.005 0.002 0.007 0.006 0.011 0.010 

4 0.060 0.068 0.021 0.024 0.005 0.006 0.007 0.008 0.011 0.012 

5 0.068 0.066 0.032 0.023 0.013 0.000 0.013 0.010 0.076 0.008 

6 0.060 0.067 0.022 0.023 0.005 0.006 0.007 0.008 0.011 0.011 

7 0.056 0.062 0.016 0.022 0.000 0.003 0.002 0.005 0.007 0.009 

8 0.059 0.065 0.021 0.021 0.005 0.004 0.007 0.006 0.011 0.010 

9 0.061 0.065 0.022 0.023 0.006 0.011 0.008 0.009 0.011 0.011 

10 0.061 0.069 0.023 0.026 0.006 0.007 0.008 0.008 0.011 0.011 

11 0.060 0.065 0.022 0.022 0.006 0.005 0.008 0.007 0.011 0.011 

12 0.061 0.068 0.022 0.024 0.006 0.006 0.008 0.008 0.011 0.011 

13 0.060 0.066 0.022 0.023 0.006 0.006 0.008 0.008 0.012 0.011 

14 0.060 0.066 0.022 0.023 0.005 0.006 0.008 0.008 0.011 0.011 

15 0.061 0.067 0.022 0.024 0.006 0.004 0.008 0.001 0.011 0.010 

16 0.059 0.045 0.022 0.022 0.005 0.002 0.007 0.006 0.011 0.010 

17 0.060 0.066 0.022 0.022 0.005 0.005 0.007 0.007 0.010 0.010 

18 0.060 0.079 0.023 0.051 0.006 0.014 0.008 0.010 0.011 0.012 

19 0.060 0.068 0.022 0.024 0.005 0.006 0.007 0.008 0.011 0.011 

20 0.060 0.050 0.022 0.060 0.005 0.009 0.007 0.008 0.011 0.011 

21 0.059 0.067 0.021 0.023 0.005 0.006 0.007 0.008 0.011 0.011 

22 0.060 0.054 0.022 0.025 0.006 0.004 0.008 0.007 0.011 0.011 

 

The values of Table 5.10 through Table 5.13 were derived by post-processing the 

horizontal displacements at the central nodes of the PT beam-column connections of 

Column 1 (Figure 5.7), in all five storeys. These nodes are described in Table G.1.  
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Figure 5.22 shows the statistics of the above IDR results from the dynamic nonlinear 

analyses of the SCMRF-CB under the DBE and MCE seismic hazard intensity of EC8. 

All data processing was performed using the software MATLAB (The MathWorks 

Inc., 2016). In the figure, the tops and bottoms of each "box" are the 25th and 75th 

percentiles of the 22 IDR values, respectively. The distances between the tops and 

bottoms are the interquartile ranges. The interquartile range (IQR) consists a measure 

of dispersion for the 22 IDR values. The line in the middle of each box is the median 

of the 22 IDR values. The whiskers are the lines extending above and below each box. 

Whiskers are drawn from the ends of the interquartile ranges to the furthest IDR value 

within the whisker length (the adjacent values). IDR values beyond the whisker length 

are marked as outliers. By default, an outlier is a value that is more than 1.5 times the 

interquartile range away from the top or bottom of the box, i.e., an unusual value. 

Outliers are displayed with a red “+” sign.  

 

 

Figure 5.22 Statistics of the IDRs of the SCMRF-CB   
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Figure 5.23 shows the statistics of the IDR results from the dynamic nonlinear analyses 

of the SCMRF under the DBE and the MCE seismic hazard intensity of EC8. The 

statistical representation of the objects of the latter figure is the same with that of the 

objects of Figure 5.22.  

Figure 5.23 Statistics of the IDRs of the SCMRF  

 

Table 5.14 summarises the characteristics of the three design cases and lists their 

median peak and residual IDR demand values from the 22 nonlinear response-history 

analyses under the DBE and the MCE of EC8.  

Table 5.14 Median peak and residual IDRs for the three design cases from nonlinear 
response-history analyses  

Structural 
system 

System 
weight 

Fundamental 
period 

Damping 
ratio 

IDRs at DBE  
(%)  

IDRs at MCE  
(%)  

  W (kN)  T1 (sec)  ξ (%)  θs,max,DBE θs,res,DBE θs,max,MCE θs,res,MCE 

MRF 10790,71 1.18 3 1.80 0.49 2.70 0.75 

SCMRF 10790,71 0.97 3 1.65 0.08 2.55 0.13 

SCMRF-CB 10790,71 0.92 3 1.35 0.06 2.03 0.07 

Note: all numbers have been rounded off to two decimal digits  

 

In Table 5.14, θs,max,DBE and θs,res,DBE are the median peak and residual IDRs at DBE, 

respectively, while θs,max,MCE and θs,res,MCE the respective IDRs at MCE. It is noted that 
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the fundamental period of the MRF in the above table differs from that of the MRF in 

Section 5.3.1 because the former MRF corresponds to the MRF OpenSees model 

which considers the flexibility of the panel zones (refer to Section 5.4), while the latter 

MRF corresponds to the MRF SAP2000 model which it does not. For that reason, the 

MRF OpenSees model has a larger fundamental period compared to the MRF 

SAP2000 model.  

5.6.4 Seismic assessment of the design cases  

Figure 5.24 shows the comparison of the height-wise distribution of the peak IDR 

demands of the SCMRF and the SCMRF-CB under the DBE, and Figure 5.25 the 

corresponding comparison under the MCE.  

 

Figure 5.24 Comparison of the height-wise distribution of the peak drift demands of the 
SCMRF and the SCMRF-CB under the DBE  
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Figure 5.25 Comparison of the height-wise distribution of the peak drift demands of the 
SCMRF and the SCMRF-CB under the MCE  

 

As said above, the drift values represent the median IDR values from the 22 nonlinear 

response-history analyses. The figures demonstrate that the SCMRF-CB achieves a 

decreased height-wise distribution of the peak IDRs in all but the first floor (where 

peak IDRs are slightly smaller in the SCMRF), compared to the SCMRF, with an 

increasing trend towards higher storeys for both the DBE and the MCE. The above are 

more clearly illustrated in Figure 5.26.  

Figure 5.26 shows the normalised percent change of the height-wise peak IDR 

demands of the SCMRF-CB over the height-wise peak IDR demands of the SCMRF 

under the DBE and the MCE. In the figure, ,max
SCMRF CB
s

  and ,max
SCMRF
s  are the peak IDRs 

of the SCMRF-CB and the SCMRF, respectively.  
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Figure 5.26 Normalised percent change of the height-wise peak IDR demands of the 
SCMRF-CB over the respective demands of the SCMRF under the DBE and the MCE  

 

Figure 5.26 suggests that the difference between the peak IDR demands of the 

SCMRF-CB and those of the SCMRF increases towards higher floors both under the 

DBE and the MCE. That means that the SCMRF-CB increasingly drops the peak IDR 

demands as we go towards higher floors, compared with the peak IDR demands of the 

SCMRF. In particular, the SCMRF-CB achieves as much as 29% lower peak IDRs 

(fifth floor), compared to the peak IDRs of the SCMRF under the DBE, and as much 

as 18% lower peak IDRs (fifth floor) compared to the peak IDRs of the SCMRF under 

the MCE. However, it can be seen that this trend rather decreases with increasing 

seismic intensities (refer to Figure G. 1).  
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Figure 5.27 shows the comparison of the height-wise distribution of the residual IDR 

demands of the SCMRF and the SCMRF-CB under the DBE, and Figure 5.28 the 

corresponding comparison under the MCE.  

 

Figure 5.27 Comparison of the height-wise distribution of the residual drift demands of the 
SCMRF and the SCMRF-CB under the DBE  

 

 

Figure 5.28 Comparison of the height-wise distribution of the residual drift demands of the 
SCMRF and the SCMRF-CB under the MCE  
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The figures demonstrate that the SC-MRF-CB achieves a lower θs,res demand 

distribution compared to the SC-MRF under both the DBE and the MCE. The figures 

also demonstrate the significant effect of the novel column bases on the θs,res demand 

of Floor 1, where the θs,res of the SCMRF-CB are reduced to about 0.06% under the 

DBE and to about 0.07% under the MCE. Under the DBE this effects subsides while 

moving to higher storeys, where for Floors 3, 4 and 5, no reduction is essentially 

observed. On the other hand, under the MCE this beneficial effect extends up to Floor 

4 with a decreasing trend towards higher storeys, while subsides on Floor 5. The above 

are more clearly illustrated in Figure 5.29.  

Figure 5.29 shows the normalised percent change of the height-wise θs,res demands of 

the SCMRF-CB over those of the SCMRF under the DBE and the MCE.  

 

Figure 5.29 Normalised percent change of the height-wise residual IDR demands of the 
SCMRF-CB, over the respective demands of the SCMRF under the DBE and the MCE  
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In Figure 5.29, ,
SCMRF CB
s res   and ,

SCMRF
s res  are the residual IDR demands of the SCMRF-

CB and the SCMRF, respectively. The figure suggests that the difference between the 

residual IDR demands of the SCMRF-CB and the SCMRF decreases towards higher 

floors both under the DBE and the MCE. That means that the SCMRF-CB gradually 

equates its θs,res demands with those of the SCMRF as we move towards higher floors. 

In fact, under the MCE the SCMRRF-CB exhibits slightly higher θs,res demands in its 

fifth floor compared to the SCMRF. In particular, the SCMRF-CB achieves as much 

as 25% lower θs,res (first floor) compared to the θs,res of the SCMRF under the DBE, 

and as much as 54% lower θs,res (third floor) compared to the θs,res of the SCMRF under 

the MCE. The θs,res in the first floor of the SCMRF-CB is 49% lower than that of the 

SC-MRF. However, it can be seen that this trend rather increases with higher seismic 

intensities (refer to Figure G. 2), suggesting that the higher the seismic intensity the 

larger the beneficial effect of the novel column bases upon the height-wise θs,res 

demands of self-centering steel buildings.  

Figure 5.30 shows the normalised percent reduction of the θs,max of the SCMRF and 

the SCMRF-CB over the θs,max of the MRF under the DBE and the MCE. As seen from 

the figure, the SCMRF achieves 8% lower peak IDRs compared to the peak IDRs of 

the MRF under the DBE, while the SCMRF-CB achieves 25% smaller peak IDRs 

compared to those of the MRF under the DBE. Under the MCE the SCMRF achieves 

6% smaller peak IDRs compared to the peak IDRs of the MRF, and the SCMRF-CB 

25% smaller peak IDRs compared to the MRF. This decrease is completely justified 

because the CFTs of the novel column bases in the SCMRF-CB shorten the flexible 

length of the first storey columns, increasing the stiffness and reducing the period of 

the frame (Zareian and Kanvinde, 2013) as can it be seen in Table 5.14.  
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Figure 5.30 Normalized percent reduction of the peak IDRs of the SCMRFs over the peak 
IDRs of the MRF, ,m ax

M R F
s , under the DBE and the MCE  

 

Figure 5.31 shows the normalised percent reduction of the residual IDRs of the 

SCMRF and the SCMRF-CB over the residual IDRs of the MRF, under the DBE and 

the MCE.  

Figure 5.31 Normalized percent reduction of the residual IDRs of the SCMRFs over the 
residual IDRs of the MRF, ,

MRF
s res , under the DBE and the MCE  
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As seen from the previous figure, the SCMRF achieves 84% lower residual IDRs 

compared to the residual IDRs of the MRF under the DBE, while the SCMRF-CB 

achieves 88% lower residual IDRs compared to residual IDRs of the MRF under the 

DBE. Under the MCE, the SCMRF achieves 83% smaller residual IDRs compared to 

the residual IDRs of the MRF, while the SCMRF-CB exhibits 91% smaller residual 

IDRs compared to the MRF, almost eliminating them. It should be noted, though, that 

despite the fact that the aforementioned differences between the seismic response of 

the SCMRF-CB and that of the other two design cases are large, a small part of these 

differences is attributed to the fact that the SCMRF-CB has smaller fundamental 

period than the other two design cases (refer to Table 5.14).  

The results of the response-history analyses also showed that none of the novel column 

bases suffers damage in any non-replaceable/repairable part of the connections under 

the suite of the 22 ground motions scaled to the MCE seismic hazard level.  

5.7 Summary and conclusions  

This chapter presents the results of the analyses of the prototype building studied in 

this research, designed as: (1) conventional moment resisting frame (MRF); (2) self-

centering MRF (SC-MRF) with PT beam-column connections and conventional, fixed 

column bases; and (3) SC-MRF as in the previous case but with the proposed column 

bases as its base connections. Nonlinear monotonic and cyclic static analyses are first 

performed to identify the structural limit states of the three systems and investigate the 

residual drift behaviour of the buildings under the DBE. A suite of twenty-two natural 

ground motions is selected and scaled to the DBE and MCE seismic hazard levels of 

EC8. The ground motions are considered to cover a wide range of the earthquake 
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characteristics. The scaled accelerograms are then used as input to run nonlinear 

response-history analyses in order to extract the peak and residual IDRs of the three 

systems. The results of the analyses are compared and used to assess the seismic 

performance of the novel column bases and then to evaluate their effect on the seismic 

performance of conventional and self-centering steel MRFs. It is shown that the 

aforementioned results depend not only on the characteristics of the design cases but 

also on the characteristics of the ground motions.  

In particular, the results of the analyses showed that:  

1. Buildings incorporating the proposed column bases achieve an enhanced 

seismic performance in terms of their structural limit states. The limit states of 

the SCMRF-CB are obtained at significantly higher drifts, with respect to the 

conventional MRF. Compared to the SCMRF, the SCMRF-CB pushes the 

crucial plastic hinge formation in the ground floor columns, 162% higher in 

terms of θr. The beam limit states of the SCMRF-CB are obtained in 

comparable drift levels with the SCMRF. In particular, the beam plastic hinge 

limit state is obtained 13% lower in terms of θr, in the SCMRF-CB, compared 

to the SCMRF. Similarly, the beam local buckling failure is obtained 5% 

lower, in terms of θr, for the SCMRF-CB. However, in both cases the drift 

differences are very small and can be either alleviated or even reversed, by 

redesigning the novel column bases for different MD/MIGO, and MIGO/MN,pl,Rd,c 

ratios. Moreover, the SCMRF-CB prototype building design case completely 

eliminates damage in the base columns for drifts up to almost 2 times the 

MCE’s. The SCMRF-CB achieves a peak V/W coefficient which is 30% larger 

than that of the MRF and is obtained to 110% larger θr. The SCMRF-CB 
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achieves a peak V/W coefficient which is 4% larger than that of the SCMRF 

and is obtained at a 6% larger θr.  

2. The SCMRF-CB reduces the peak IDR demands of the SCMRF with an 

increasing trend towards higher stories. In particular, the SCMRF-CB achieves 

as much as 29% smaller peak IDR demands compared to the corresponding 

demands of the SCMRF (fifth floor) under the DBE, and as much as 18% 

smaller peak IDR demands compared to the corresponding demands of the 

SCMRF (fifth floor) under the MCE. However, this trend decreases with 

higher seismic intensities.  

3. The SCMRF-CB completely eliminates residual IDRs in the first floor, 

achieving a median value of about 0.06% under the twenty-two DBE-scaled 

ground motions, and a median value of about 0.07% under the twenty-two 

MCE-scaled ground motions, while reduces the residual drifts at higher 

storeys. In particular, the SCMRF-CB achieves as much as 25% lower residual 

IDRs , compared to the residual drifts of the SCMRF (first floor), under the 

DBE, and as much as 54% lower residual IDRs, compared to the residual IDRs 

of the SCMRF (third floor), under the MCE. The corresponding residual IDR 

reduction in the first floor is of the order of 49%. However, this effect subsides 

while moving to higher storeys. Thus, no reduction is observed under DBE for 

Floor 3, 4 and 5, whereas this beneficial effect extends up to floor 5, under the 

MCE. It is therefore concluded that the beneficial effect of the novel column 

bases upon the height-wise distribution of the residual drift demands, increases 

with increasing seismic intensities.  

Equation Chapter (Next) Section 1 
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Chapter 6  

6 SUMMARY, CONCLUSIONS AND 

FUTURE WORK  

6.1 General  

This chapter presents a summary of the work done within this Ph.D. The chapter starts 

with summarizing the achievements of this research work which pertain to the 

development of a novel column base connection for earthquake-resilient steel 

buildings. Conclusions are then presented with respect to the earthquake-resilient 

performance of the proposed column base connection and with respect to the effect 

that it has on the earthquake-resilient performance of steel buildings. The chapter 

continues with describing the original contribution of this research work. Finally, 

recommendations for future work are suggested.  

6.2 Summary  

This work proposes a novel, damage-free, self-centering steel column base connection 

(referred to as column base) with high-strength steel post-tensioned (PT) tendons and 

hourglass-shaped steel energy dissipaters (WHPs). The novel column base is indented 

to be used in self-centering (non-conventional high-performance) steel buildings with 
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PT beam-column connections, with the aim to improve their structural resilience under 

strong earthquakes (i.e., their earthquake/seismic resilience). The findings of this study 

showed that the novel column base addresses the shortcomings of conventional 

column bases and improves the structural resilience of self-centering steel buildings 

under strong earthquakes Recommendations for future research are also provided. The 

particular achievements of this study are outlined in the following paragraphs.  

An analytical model for the novel column base is developed in order to predict its 

hysteretic behaviour and determine its structural limit states. Based on the 

aforementioned model, a step-by-step design procedure is proposed for the novel 

column base. The procedure is a performance-based design approach that relates 

structural limit states to different seismic hazard levels proposed by EC8. The design 

procedure ensures a self-centering and damage-free behaviour for the novel column 

base with enhanced energy dissipation and designs the main components of the 

column base, while all other components are designed according to Eurocodes to 

remain elastic.  

A high-fidelity 3D finite element method (FEM) model in the software Abaqus, and a 

detailed 2D FEM model in the software OpenSees are developed for the proposed 

column base. The FEM models validate the accuracy of the design procedure, identify 

limit states that cannot be analytically predicted, and facilitate nonlinear static analyses 

that are performed in order to assess the resilience-based structural performance of the 

novel column base under strong earthquakes. Moreover, the highly computationally 

efficient 2D FEM model is utilised in building FEM models which are later used to 

evaluate the effect of the novel column base on the global seismic response of self-

centering steel buildings.  
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A prototype steel building, using an EC8-prescriptive moment resisting frame (MRF) 

as its seismic-resistant structural system, is used as the basis for the seismic assessment 

of the novel column base and the evaluation of its effect on the seismic resilience of 

steel buildings with the novel connection. The conventional MRF is then redesigned 

as (a) self-centering MRF with PT beam-column connections and conventional, fixed 

column bases, referred to as SCMRF; and (b) as self-centering MRF, as before, but 

with the proposed column bases in place of the conventional column bases of the 

SCMRF, referred to as SCMRF-CB. The MRF is used as the basis for the comparison 

of the three systems. Nonlinear 2D FEM models are developed for the three design 

cases of the prototype building. The OpenSees model of the SCMRF-CB utilises the 

2D OpenSees model for the proposed column base, described above. Nonlinear static 

(monotonic and cyclic) analyses are first performed in order to identify the structural 

limit states of the three structural systems and investigate their self-centering and 

damage-free behaviour under the design seismic actions of EC8. A suite of twenty-

two natural ground motions is then selected and scaled to the design basis earthquake 

(DBE) and maximum considered earthquake (MCE) seismic hazard levels of EC8. 

The scaled accelerograms are used to perform nonlinear dynamic (response-history) 

analyses for the three design cases with the aim to assess the seismic performance of 

the novel column base and evaluate its effect on the seismic performance of self-

centering steel buildings. The results of the nonlinear analyses demonstrate the 

resilient performance of the proposed column base achieving self-centering and 

damage-free behaviour. On the other hand, the beneficial effect of the column base on 

the seismic response of self-centering steel buildings is demonstrated by reducing the 

peak and residual drifts in their upper storeys and eliminating the latter in the first 
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storey, while at the same time pushes the most critical structural limit states of these 

buildings at higher seismic intensities.  

6.3 Conclusions  

Based on the findings of this study, the following conclusions are drawn:   

 The novel column base can be very easily inspected and repaired if damaged. It 

allows easy construction, deconstruction, and rehabilitation; eliminates in-situ 

welding; and provides potential for re-use of its structural components, enabling 

sustainable construction. Smart detailing provides a damage-isolation 

mechanism, enabling damage concentration in easy-to-replace structural 

elements, while all other parts of the column base can be designed as damage-free 

(elastic). Contrary to other recently proposed column bases, the novel 

configuration of the proposed column base allows for multiple arrangements of 

the PT tendons outside the perimeter of the column section. This feature, coupled 

with the option, offered by the column base, to select the appropriate 

characteristics for its tendons and its energy dissipation devices (WHPs), allows 

for the independent tuning of its strength, its rotational stiffness and its self-

centering capability to the desired levels. The independent tuning of these 

properties enables a damage-free and self-centering behaviour of the column base, 

for the whole range of the possible target connection performances. In addition, 

optimum structural steel design can be achieved, by allowing for smaller joint 

coefficients utilization, and hence for smaller column sections. On the other hand, 

the column base can accommodate different types of column members, i.e., I-

beams or tubes (steel or steel-concrete composite), enhancing its applicability. 
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Lastly, by utilizing the CFT for receiving the large post-tensioning forces, the 

ground floor columns avoid axial shortening, while their stiffness and strength is 

minimally affected. As a result, the stiffness and the strength of the whole 

structure is also minimally affected.  

 The analytical hysteretic model enables easy and accurate prediction and 

simulation of the actual rotational stiffness, strength, hysteretic behaviour and 

self-centering capability of the novel column base. Moreover, it determines the 

main structural limit states of the column base. It also forms the basis for the 

performance-based design procedure which is developed.  

 The step-by-step design procedure designs the main components of the column 

base, whilst all other components are designed to Eurocodes as damage-free. 

Furthermore, it identifies the limit states of the column base. Finally, 

implementing the design procedure recommendations, the column base ensures a 

self-centering and damage-free behaviour, with enhanced energy dissipation.  

 The high fidelity 3D Abaqus FEM models predict and simulate well the hysteretic 

behaviour of the novel column base. In general, the FEM models are in good 

agreement with the analytical model, validating its accuracy. In particular, the 

Abaqus model with the 4 WHPs shows a better agreement with the analytical 

model, compared to the Abaqus model with the 8 WHPs. The small discrepancies 

that are observed between the Abaqus model with the 8 WHPs and the analytical 

model, are attributed to the fact that the analytical model does not account for the 

frictional energy dissipation which is taken into consideration in the Abaqus 

model. On the other hand, the small discrepancies between the Abaqus model 

with the 4 WHPs and the analytical model are attributed, in addition to the 
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frictional energy dissipation, to the out-of-plane loading of the central WHPs, 

which differs from the loading based on which the WHP analytical model was 

derive. Furthermore, the Abaqus model permits a thorough investigation of the 

stress distribution in the column base and can identify failure modes that cannot 

be predicted by the analytical model. In particular, it is shown that:  

o The column base can undergo large deformations with high energy 

dissipation characteristics, avoiding damage in all non-replaceable 

parts for drifts much larger than those corresponding to the MCE 

seismic hazard.  

o The anchor stand stiffeners are necessary to prevent unwanted bending 

at the anchor stand due to the high forces developed in the tendons.  

o Only insignificant inelastic deformations are developed at the rocking 

toe of the concrete filled tube (CFT). These deformations do not affect 

the behaviour of the column base.  

 The OpenSees 2D FEM model shows a very good agreement with the analytical 

model and thus validates its accuracy. However, a very small discrepancy is 

observed due to the fact that the OpenSees model ignores the frictional energy 

dissipation in the column base. The OpenSees FEM model is in very good 

agreement with the Abaqus FEM model.  

 The nonlinear monotonic static (pushover) analyses identify the structural limit 

states of the three design cases. From the results of the nonlinear cyclic static 

(push-pull) analyses it is also seen that the SCMRF-CB design case virtually 

eliminates the residual interstorey drift ratios (IDRs) under the design basis 
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earthquake (DBE). In particular, the SCMRF-CB exhibits an improved structural 

performance, compared with the performance of the conventional MRF, i.e.:  

o Eliminates the damage in the column bases. The first failure at the 

column bases (i.e., the yielding of the tendons) occurs at a roof drift, 

θr, equal to 5.23%, a drift at which the building has already started 

deteriorating (at 4.22% θr), and way above than the 2∙MCE θr limit.  

o Eliminates the damage in the columns. The first failure at the columns 

of the SCMRF-CB occurs at θr equal to 4.83%, way above the 1.5∙MCE 

roof drift limit and almost equal to the 2∙MCE θr limit. Thus, the 

SCMRF-CB reaches this limit state at a 778% larger θr compared to 

the MRF.  

o Minimises the damage in the PT beam-column connections. Both the 

plastic hinge formation in the beams and also the beams’ local buckling 

are pushed to higher θr limits compared to the MRF. The former limit 

state is improved by 68% in terms of θr compared to the MRF, while 

the latter limit state by 12% compared to the MRF.  

o The SCMRF-CB achieves a peak V/W coefficient which is 30% larger 

than that of the MRF and is obtained at a 110% larger θr.   

o The SCMRF-CB achieves a 248% increase in its overstrength factor, 

Ω, compared to the MRF.  

On the other hand, the SCMRF-CB exhibits an improved structural performance 

compared to the performance of the SCMRF, i.e.:  

o The SCMRF-CB achieves a peak V/W coefficient which is 4% larger 

than that of the SCMRF and is obtained at a 6% larger θr.  
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o The SCMRF-CB reaches 162% higher, in terms of roof drift, its first 

column plastic hinge compared to the MRF. This particular 

performance is of significant importance because it demonstrates that 

the novel column bases can address the inherent shortcoming of the 

self-centering MRFs with PT beam-column connections and 

conventional column bases that cannot eliminate residual drifts due to 

damage in their base connections.  

o The SCMRF-CB achieves a 36% increase in its overstrength factor, Ω, 

compared to the SCMRF.  

However, the first plastic hinge formation in the beams of the SCMRF-CB is 

reached 13% earlier – in terms of θr – compared to the SCMRF, but 9% above its 

DBE roof drift limit, θr,DBE. Similarly, the first beam local buckling limit state in 

the SCMRF-CB is also reached slightly earlier compared to the SCMRF, by a θr 

percentage of 5%, but 37% higher than its MCE roof drift limit, θr,MCE. Even so, 

the drift differences are small in both cases and are expected to be either alleviated 

or reversed in favour of the SCMRF-CB by appropriately modifying the structural 

properties of the novel column bases. This can be achieved by redesigning the 

column bases for different MD/MIGO, and MIGO/MN,pl,Rd,c ratios.  

 The nonlinear response-history analyses that were performed for the three 

prototype building design cases showed that the novel column base can improve 

the seismic resilience of self-centering steel buildings. This is achieved by: (a) 

avoiding damage in the base connections for the desired seismic intensity level 

(in particular, the column bases avoid damage for seismic intensities larger than 

1.5 times the EC8’s MCE hazard); (b) virtually eliminating the residual drifts of 
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the SCMRF-CB for the adopted target building performance; and (c) reducing the 

peak interstorey drifts of the SCMRF-CB for the same target building 

performance. In particular, the dynamic analyses showed that:  

o The SCMRF-CB achieves 40% lower residual IDRs under the DBE 

compared to the SCMRF.  

o The SCMRF-CB achieves 59% lower residual IDRs under the MCE 

compared to the SCMRF.  

o The SCMRF-CB achieves 18% lower peak IDRs under the DBE 

compared to the SCMRRF.  

o The SCMRF-CB achieves 21% lower peak IDRs under the MCE 

compared to the SCMRF.  

o The SCMRF-CB achieves 88% lower residual IDRs under the DBE 

compared to the conventional MRF.  

o The SCMRF-CB achieves 91% lower residual IDRs under the MCE 

compared to the conventional MRF.  

o The SCMRF-CB achieves 25% lower peak IDRs under the DBE 

compared to the conventional MRF.   

o The SCMRF-CB achieves 25% lower peak IDRs under the MCE 

compared to the conventional MRF.  

o None of the novel column bases suffers damage in non-

replaceable/repairable component under the suite of the 22 natural 

ground motions scaled to the MCE seismic hazard level. In fact, the 

novel column bases avoid non-repairable damage for seismic 

intensities larger than 1.5 times the MCE.  
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o The SCMRF-CB virtually eliminates the residual drifts in the first floor 

and reduces them at higher storeys.  

o The SCMRF-CB exhibits a decreased height-wise distribution of the 

peak IDR demands compared to the SCMRF, with an increasing trend 

towards higher storeys, both under the DBE and the MCE. In particular, 

the SCMRF-CB achieves as much as 29% smaller peak IDRs compared 

to the IDRs of the SCMRF (fifth floor) under the DBE, and as much as 

18% smaller peak IDRs compared to the peak IDRs of the SCMRF 

(fifth floor) under the MCE. However, this trend decreases with higher 

seismic intensities.  

o The SCMRF-CB exhibits a reduced height-wise distribution of the 

residual IDR demands compared to the SCMRF, with a decreasing 

trend towards higher storeys, both under the DBE and the MCE. 

However, this trend increases with higher seismic intensities. In 

particular, the SCMRF-CB achieves as much as 25% lower residual 

IDRs compared to the residual drifts of the SCMRF (first floor) under 

the DBE, and as much as 54% lower residual IDRs compared to the 

residual IDRs of the SCMRF (third floor) under the MCE. The 

corresponding residual IDR reduction in the first floor is of the order 

of 49%. However, this effect subsides while moving to higher storeys. 

Thus, no reduction is observed under DBE for Floor 3, 4 and 5, whereas 

this beneficial effect extends up to Floor 5 under the MCE. It is 

therefore concluded that the beneficial effect of the novel column base 
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upon the height-wise distribution of the residual drift demands 

increases with increasing seismic intensities.  

6.4 Original contribution of research  

A novel damage-free column base was developed in this research. It was shown that 

the proposed column base connection can improve the earthquake resilience of steel 

buildings. The original contributions of this research are:  

 The development of a novel column base connection with characteristics that 

no other column base connection offers at the present time of this research. 

These characteristics are the following:  

o Damage-free behaviour that can be tuned to different drift levels, 

determined by a predefined (selected) target building performance. 

Thus, the connection avoids structural damage in the base of the 

buildings.  

o Self-centering behaviour that can be tuned to different seismic hazard 

levels. Therefore, buildings equipped with the novel column base can 

reduce their residual drift performance.  

o Rotational stiffness and strength that can be independently tuned to the 

desired levels. This allows for optimum design of both the base 

connection (utilizing smaller joint coefficients) and the structure 

(controlling the base shear strength and stiffness of the frame).  

o Easy inspection and repair in case of strong earthquakes reducing 

downtime. Thus, earthquake resilience of steel buildings, equipped 

with the novel column base, can be promoted.  
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o Easy and rapid construction, deconstruction and rehabilitation on-site, 

avoiding field welding. Therefore, structures incorporating the novel 

column base can be designed to be more sustainable (building green).  

o Easy and accurate prediction of rotational stiffness and strength, and 

easy simulation of the hysteretic behaviour.  

o Minimally affects the stiffness and strength of the ground floor 

columns and thus of the whole structure.  

o Flexibility to accommodate both steel and steel-concrete composite 

columns of either open or closed cross-section. Thus, the column base 

is rendered widely applicable.  

 The development of an analytical model for the novel column base.  

 The development of a performance-based step-by-step design procedure for 

the proposed column base.  

 The development of detailed FEM models for the proposed column base.  

 The expansion of the database of the self-centering moment resisting frames. 

Within the framework of this research, a prototype steel building is designed 

as a self-centering moment resisting frame using post-tensioned beam-column 

connections and the novel column bases. This frame is unlike other self-

centering frames of prior research. As a result, the database of self-centering 

moment resisting frames is expanded.  

 The expansion of the database of FEM models for self-centering moment 

resisting frames. The self-centering frame is modelled as a detailed nonlinear 

FEM model, expanding the database of self-centering frame models.   
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6.5 Future work  

This section identifies areas of research that are not covered within this study, and that 

will further develop the knowledge on the novel column base connection. The 

following future research is recommended:  

 Experimental evaluation of the novel column base. This aims to:  

o Investigate the real dynamic response of the novel column base.  

o Validate the accuracy of the analytical model and the design procedure 

that were proposed in this work.  

o Investigate the real behaviour of the central WHPs in the column base.  

o Provide results so as to calibrate the numerical models of the novel 

column base.  

o Investigate the importance of the touchdown pounding of the column 

foot to the base plate and how this can affect the response of the column 

base.  

 Development of an improved analytical model to account for the following:  

o The frictional energy dissipation in the connection.  

o The out-of-plane loading of the energy dissipation devices of the 

connection (WHPs), utilising experimental results.  

o Second order effects, attributed to the (highly nonlinear) rocking 

motion of the novel column base.  

o The axial force variability in the columns. Especially in the case of the 

corner or exterior columns, where the axial force varies from negative 
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to positive values within the same cycle, the assumption of the constant 

axial force needs to be further investigated.  

 Optimization of the design procedure so as to determine the optimum combination 

of the MD/MIGO and MIGO/MN,pl,Rd,c ratios. The optimization of the design 

procedure will built on:  

o The optimum target connection performance so as the novel column 

base to achieve self-centering and damage free behaviour and also to 

maximise its energy dissipation under earthquakes.  

o The optimum target building performance in terms of all structural 

limit states and in terms of the maximum reduction of the height-wise 

distribution of the interstorey drifts. Parametric analyses with varying 

values for these ratios will be performed in order to evaluate the 

accuracy of the optimization procedure.  

o Optimum structural design solutions. Investigate the potential of more 

economical structural solutions for buildings incorporating the new 

column base, utilising different designs for the column bases, but 

aiming at the same target performance for the connection and for the 

building.  

 Collapse analysis for buildings using the novel column base, incorporating 

recently proposed fracture models for the WHPs. The research will assess the 

collapse capacity of the buildings using incremental dynamic analysis (IDA).  

 Propose a new q factor for buildings using the novel column bases.  

 Improved column base alternatives with the aim to:  
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o Alleviate the overturning action of the tendons that move downwards 

during the rocking motion of the column base.  

o Minimise the plastifications at the rocking toe of the column foot CFT 

(e.g. foot end plate with enhanced chamfered-rounded edges).  

 Life cycle cost analysis to assess the viability of the proposed column base.  

 Development of 3D FEM models for the prototype building with the aim to:  

o Facilitate the investigation of the torsional effects in the seismic 

performance of steel buildings with the the novel column base.  

o Conduct progressive collapse analyses (e.g. column loss scenario) for 

self-centering buildings using the novel column base.  

Equation Chapter (Next) Section 1  
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Appendix A  

This appendix describes the derivation of the plastic moment of resistance of a steel 

column, allowing for interaction with axial force, according to Eurocode 3, Part 1-1 

(BS EN 1993-1-1, 2009).  

Plastic moment resistance of a steel column  

The plastic moment resistance of a steel column, allowing for interaction with axial 

force, denoted as MN,pl,Rd,c, is derived from Eurocode 3 as follows:  

 

2

, , , ,
,

1 SD
N pl Rd c pl Rd

pl Rd

N
M M

N

  
        

  (A.1) 

where Mpl,Rd is the plastic moment of resistance of the column, given by the following 

relation:  
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where Wpl,c is the plastic section modulus of the column for Class 1 or Class 2 cross-

sections (these are the classes used in this work in order to avoid premature failure of 

the column due to local buckling); fy,c is the yield stress of its material; and γΜ0 equals 

to unity according to Eurocode 3 (BS EN 1993-1-1, 2009). Npl,Rd is the design plastic 

resistance to normal forces of the gross cross-section, derived from the latter code as 

follows:  
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where Ac is the gross sectional area of the column.  

Equation Section (Next) 
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Appendix B  

This appendix describes the cyclic response, the plastic analysis and the design rules 

of a single WHP, derived from previous research.  

Structural behaviour and design rules of a single WHP  

The structural behaviour of a single WHP is thoroughly analysed in this section. That 

is to help in determining the structural contribution of WHPs to the behaviour of the 

column base. Design rules for WHPs and their associated structural components are 

also presented to facilitate the design procedure that is proposed.  

Description and expected behaviour  

The structural behaviour and the mechanical properties of WHPs have been studied 

by many researchers (Kobori et al., 1992; Vasdravellis, Karavasilis and Uy, 2013a, 

2013b, 2014). According to Vasdravellis, Karavasilis and Uy (2014), a WHP consists 

of a cylindrical steel pin with two internal parts, as shown in Figure 3.11. The two 

internal parts are formed by machining the shape of the cylindrical pin, to create two 

tapered regions of reduced diameter. The internal parts are connected to the external 

parts with a radius r, in order to avoid stress concentration and early fracture in the 

region of abrupt diameter change. In the aforementioned research, this radius has been 

taken equal to 5 mm. WHPs are intended to provide stable and reliable energy 

dissipation through the inelastic bending of the internal parts.  

Figure B. 1 shows the geometry of the internal part of half a WHP. The internal part 

has length, LWHP (clear length of the bending parts of half a WHP), external diameter, 

De, and mid-length (or internal diameter), Di.  
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Figure B. 1 Geometry parameters and assumed static system for half a WHP [after 
Vasdravellis, Karavasilis and Uy (2014)]  

 

The assumed static system of one internal part, is that of a fixed-ends bar, provided 

that the external supporting plates (Figure B. 2), are thick enough to prevent end 

rotation. The shape of the internal part follows the profile of the bending moment 

diagram; i.e., it is minimum at the mid-length (where the diameter of the pin is equal 

to Di), and maximum at the ends (where the diameter of the pin is equal to De). In this 

manner, the WHP achieves a uniform distribution of the plastic deformations along 

their length (LWHP) and thus increases displacement ductility and delays fracture.  
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Figure B. 2 Assumed stresses due to contact forces in the supporting and the web plates of 
a WHP (almost half WHP is shown)  

 

Plastic analysis and design  

The yield strength of half a WHP, denoted as VWHP (Vasdravellis, Karavasilis and Uy, 

2013a), is controlled either by the plastic moment of resistance, Mpl, or the plastic 

shear resistance, Vpl (BS EN 1993-1-1, 2009), given by the following equations:  

 
3

,6
e

pl y WHP

D
M f    (B.1) 

and  



 

243 
 

 
2

,0.9
4 3

y WHPi
pl

fD
V

 
     (B.2) 

where fy,WHP is the yield strength of the material of the WHPs. The factor 0.9, in 

Equation (B.2), accounts for the relationship between the average shear stress and the 

maximum shear stress in the circular section.  

According to the findings of Vasdravellis, Karavasilis and Uy (2013a), plastic analysis 

assumes that the plastic moment of resistance (governed by De), should be reached at 

the ends, before the plastic shear resistance (governed by Di) is reached at the mid-

length of half a WHP. By equilibrium, the aforementioned condition can be written 

as:  
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    (B.3) 

As indicated in Figure B. 1, VWHP is actually the shear force developed along the length 

(LWHP) of half the WHP, for which yielding occurs in section De, due to the 

development of the plastic moment Mpl. At that point, the shear developed in section 

Di has also the same value. Consequently, and as indicated by the inequality of 

Equation (B.3), to avoid the unfavourable brittle shear failure in Di before yielding 

occurs at De, VWHP should be greater than Vpl, i.e.: Vpl > VWHP. Towards satisfying this 

condition, the minimum required Di can be obtained by substituting Mpl from Equation 

(B.1) and Vpl from Equation (B.2) in Equation (B.3), as follows:  
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It is highlighted that VWHP, Vpl, and Mpl, pertain to the strength of half WHP, and not 

that of one WHP. The yield force (strength) of one WHP, Fy,WHP,i, can then be given 

by the relation:  

 , , 2y WHP i WHPF V    (B.5) 

In Figure B. 2, Fy,WHP equals to Fy,WHP,i given the fact that there is only one WHP 

involved in the configuration shown, i.e., Fy,WHP = 2VWHP = 1Fy,WHP,i. From Equations 

(B.4) and (B.5) is then concluded that  
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Substituting in Equation (B.6), Mpl from Equation (B.1), it finally gives:  
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Considering Equations (B.4) to (B.7), any combination of fy,WHP, De, Di, and LWHP, can 

be selected in order to provide the desired Fy,WHP,i.  

Alternatively, the minimum required De to achieve a targeted Fy,WHP,i value 

(determined by the connection target performance), can be derived from the latter 

relation, solving for De as follows:  
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  (B.8) 

The virtual work method, along with analytical integration, was applied in order to 

derive the elastic stiffness, Kfe, of a single WHP. The latter is equal to:  
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  (B.9) 

where EWHP is the Young’s modulus, and GWHP is the shear modulus of the WHP 

material. The factor ‘2’ in the above equation, accounts for the fact that there are two 

bending parts in one WHP.  

The ratio between the post-elastic stiffness, denoted as Kfp, and the elastic stiffness, 

Kfe, of one WHP is denoted as λWHP and is defined as follows:  

 fp
WHP

fe

K

K
    (B.10) 

In the work of Vasdravellis et al. 2013b, λWHP is assumed equal to 2%, i.e.:  

 2%fp feK K    (B.11) 

Force-deflection cyclic behaviour and limit states  

Figure B. 3 shows the assumed force-deflection (δ), cyclic behaviour of a single WHP.  

 

Figure B. 3 Assumed cyclic behaviour of one WHP (Vasdravellis, Karavasilis and Uy, 2013b)  
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The force developed in a single WHP, FWHPi, is a result of their deflection, which is in 

turn caused by the displacement, δ, that web plates impose to each WHP that is 

connected with, as seen in Figure B. 4.  

 

Figure B. 4 WHP force-deflection scenario, from FEM analyses in Chapter 4. Equivalent 
plastic strain (denoted PEEQ in Abaqus) contours are also shown   

 

Hence, δ equals to the deflection of each WHP. For this reason, δ will be hereinafter 

referred to as total WHP deflection, or just deflection, for brevity.  

According to Kamperidis, Karavasilis and Vasdravellis (2015), the relationship that 

gives the elastic force, Fel,WHP,i, developed in one WHP, as a function of its elastic 

deflection, δel, equal:  

 , ,el W HP i fe elF K     (B.12) 

After yielding is reached, the total post-elastic force developed in one WHP can be 

given from the relationship:  

 , , , , , ,tot WHP i y WHP i pl WHP iF F F    (B.13) 



 

247 
 

where Fpl,WHP,i is the plastic component of the total WHP force, equal to:  

 , ,pl WHP i fp plF K     (B.14) 

where δpl is the plastic deflection of the WHP, determined from the following relation:  

 ,pl y WHP      (B.15) 

where δ is the total deflection of a WHP, approximated as θ∙z (where z is the lever arm 

of the WHP in question), and δy,WHP the yield deflection of one WHP. According to 

Figure B. 3, δy,WHP can be defined as follows:  

 , ,
,

y WHP i
y WHP

fe

F

K
    (B.16) 

Combining Equation (B.13) and (B.14), we take the final expression for the total WHP 

force, as follows:  

 , , , ,tot WHP i y WHP i fp plF F K      (B.17) 

Summarizing all the above, the force developed in a single WHP, FWHP,i, as a function 

of the total deflection δ, can be expressed in the following general form:  
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fe y WHP
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K F for

  

   

  
 


    

  (B.18) 

where all quantities have already been defined above.  
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Additional design rules for the web and the supporting plates  

Figure B. 2 shows the assumed stress distribution in the WHP holes interface. 

According to Vasdravellis, Karavasilis and Uy (2014), each web plate (also seen in 

Figure 3.3) can be subjected to normal stresses, σw, due to the assumed maximum 

bearing force, Fy,WHP, exerted to it by each WHP. Each supporting plate (also seen in 

Figure 3.3) is subjected to normal stresses, σsp,b, due to the bearing force Fy,WHP,i/2, and 

to the additional stresses, σsp,m, due to a moment equal to Mpl, of Equation (B.1). σsp,m 

results in a pair of equal and opposite forces, denoted as Fm, shown in Figure B. 2. The 

maximum stress, due to normal contact, between two cylindrical bodies (cylinder in a 

cylinder), is given by the following relation:  

 
,max 0.591c

d

p E

k
 

    (B.19) 

where p is then applied load per unit length, E is the modulus of elasticity of the 

material of the two bodies, and kd is given by the relationship (Young and Budynas, 

2002):  

 1 2

1 2
d

D D
k

D D





  (B.20) 

where D1 is the diameter of a cylindrical socket (larger diameter) which is in contact 

with a cylinder of D2 diameter (smaller diameter), as can be seen in Figure B. 5.  
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Figure B. 5 Contact of a cylinder in a cylindrical socket (Young and Budynas, 2002)  

 

The latter two equations suggest that larger clearance between the WHP holes and the 

external parts of a WHP (both the extreme and the middle) result in smaller kd values, 

and larger contact stresses between the contact surfaces. Thus, it is suggested that the 

WHPs and their matching holes, at the supporting and web plates, should be fabricated 

with the minimum possible clearance. From the geometry of the WHP D2 equals to:  

 2 2eD D r     (B.21) 

Given all the above, the web plates should have sufficient thickness, tw, to resist the 

bearing forces, Fy,WHP,i (or the stresses σw), without being plasticized. Using the load 

per unit length on the web plate, p, equal to Fy,WHP,i/tw, and equating to the yield stress 

of the web plate, fyw, the minimum required tw, can be found to be equal to:  

 , ,

2

0.35 y WHP i
w

yw d

F E
t

f k

 



  (B.22) 

Vasdravellis, Karavasilis and Uy (2014) suggest that other limit states associated with 

the web plates, such as tear-out and block shear may be possible and should be checked 

according to current code provisions.  



 

250 
 

On the other hand, the supporting plates should have sufficient thickness, tsp, to resist 

the bearing force Fy,WHP,i/2 (or the correspondent stresses σsp,b), and also the pair of 

forces Fm (or the stresses σsp,m), without yielding. The load per unit length due to the 

bearing force Fy,WHP,i/2, is  

 , ,

2
y WHP i

b
sp

F
p

t



  (B.23) 

FEM analysis from Vasdravellis, Karavasilis and Uy (2014) showed that the lever arm 

of the forces Fm is equal to 2/3tsp, and that the stresses σsp,m, are distributed over a 

length equal to 1/3tsp, as shown in Figure B. 2. Therefore, Fm equals  
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pl
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F

t



  (B.24) 

and the load per unit length, pm, due to Fm, equals to  
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  (B.25) 

It is therefore concluded that the total load per unit length in the internal surface of the 

supporting plate holes, equals to the summation of loads of the Equations (B.23) and 

(B.25), i.e.  

 , ,

22 0.22
y WHP i pl

bm b m
sp sp

F M
p p p

t t
   

 
  (B.26) 

Thus, the maximum contact stress at the supporting plate will be  

 
,max 0.591 bm

c
d

p E

k
 

    (B.27) 
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Equating Equation (B.27) to the yield stress of the supporting plates, fy,WHP, it is 

concluded that the minimum required thickness of the supporting plates, tsp, can be 

defined as  

 
2 2
, , , ,

3.546

38.809 40 197

pl
sp

y WHP i pl d ysp y WHP i

M
t

F M k f F




      
  (B.28) 

By assuming a typical value of 2106 N/mm2, for the E, given the fact that the units in 

Equation (B.28) are N and mm.  

Equation Section (Next)  
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Appendix C  

This appendix presents force-base rotation relationships for the three WHP groups of 

the proposed column base, under cyclic loading.  

WHPs force components in the column base  

This section determines the force components (FWHPu, FWHPc and FWHPd) that are 

developed in the three WHP groups. The process is based on the undeformed geometry 

of the connection, while capitalizes on the force-deflection cyclic behaviour of a single 

WHP, described in Appendix B.  

WHP deflection calculation  

In Equation (B.18) the force developed in a single WHP is expressed in terms of its 

total deflection δ. However, when it comes to calculating the WHP forces that are 

developed in the connection these should be expressed in terms of the base rotation θ 

so as to ultimately construct the MWHP-θ expressions [Equation (3.2)]. To obtain the 

FWHP-θ relationships, δ should be replaced by θ in Equation (B.18). In practice that 

means that δ should be expressed as a function of θ. Figure C. 1 and a simplified vector 

analysis is used to this end. First, the analysis correlates the deflection at the WHPus, 

denoted as δu, with θ. The deflection in the other WHPs (i.e., in the WHPcs and 

WHPds) is then determined likewise and all WHP forces are eventually expressed as 

functions of the base rotation θ.  

According to Figure C. 1, the real deflection, δu,real, of a WHPu placed in a distance 

zu,real from the COR can be approximated as a function of the arbitrary base rotation θ 

by the following expression:  
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 , ,tanu real u realz     (C.1) 

where zu,real is the real distance of the centre of each WHP’s middle external part, from 

the COR. zu,real equals to the radius, R, of the theoretical circular trajectory that each 

centre of a WHP middle external part follows while the connection rocks. Figure C. 1 

illustrates this trajectory with a red dashed line.  

 

Figure C. 1 Displacement vectors of the centre of the WHPs’ cross-sectional area, and 
assumed WHP lever arms, shown in a close-up elevation view of the deformed geometry  

 

However, due to the small values of θ that a column base obtains, δu,real can be 

ultimately assumed equal to δu, and tanθ to θ. Therefore, Equation (C.1) is reduced to 

the following form:  

 u uz     (C.2) 

where zu is the horizontal distance between the WHPus and the COR, and can be 

obtained by the geometry of the connection and conventional design rules of Eurocode 
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3 (BS EN 1993-1-1, 2009; BS EN 1993-1-8, 2010) which are not presented herein for 

brevity. zu is referred to as the WHPu lever arm.  

The deflection in the WHPcs, δc, can be obtained likewise as follows:  

 c cz     (C.3) 

where zc is obtained likewise zu. zc will be referred to as the WHPc lever arm. 

Accordingly, the deflection in a WHPd is:  

 d dz     (C.4) 

where zd is the correspondent WHPd lever arm.  

In a general form, the total deflection δ, of a WHP placed in a distance z from the COR 

for an arbitrary base rotation θ, can be given by the expression:  

 z     (C.5) 

WHP yield base rotations  

Solving Equation (C.5) for θ, and substituting δ with the WHP yield deflection, δy,WHP, 

from Equation (B.16), we take the base rotation for which a WHP placed in a distance 

z from the COR, yields:  

 , ,
,

y WHP i
y WHP

fe

F

K z
 


  (C.6) 

where Fy,WHP,i is derived from Equation (B.7).  
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Taking into account the above general equation, the yield base rotations for the three 

groups of the WHPs in the column base can now be calculated. Thus, the yield base 

rotation for the WHPus, denoted as θy,WHPu, can be derived from the relation:  

 , ,
,

y WHP i
y WHPu

fe u

F

K z
 


  (C.7) 

θy,WHPu corresponds to Event 2 in the M-θ diagrams. The reason for that is that WHPus 

are the first WHPs to yield due to the fact that they are the most distant to the COR, 

i.e., have the bigger lever arm, zu. Hence, their yield base rotation, θy,WHPu, will be the 

smallest of the three groups according to the latter equation. Therefore, θy,WHPu is 

referred to as θ2. Hence:  

 , ,
2

y WHP i

fe u

F

K z
 


  (C.8) 

Accordingly for the WHPcs:  

 , ,
,

y WHP i
y WHPc

fe c

F

K z
 


  (C.9) 

θy,WHPc corresponds to Event 3 in the M-θ diagrams. That is because WHPcs are the 

second group of WHPs to experience yielding since their lever arm, zc, is the second 

larger between the three groups for the given design of the column base of Chapter 4. 

Hence, θy,WHPc will be the second smallest yield base rotation according to the latter 

equation. Thus, θy,WHPc is referred to as θ3. Hence:  

 , ,
3

y WHP i

fe c

F

K z
 


  (C.10) 
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Lastly, for the WHPds:  

 , ,
,

y WHP i
y WHPd

fe d

F

K z
 


  (C.11) 

θy,WHPd corresponds to Event 4 in the M-θ diagrams. That is because WHPds are the 

third and last group of WHPs to experience yielding since their lever arm, zd, is the 

smallest larger between the three groups. Hence, θy,WHPd will be the largest yield base 

rotation, according to the latter equation. Thus θy,WHPd is referred to as θ4. Hence:  

 , ,
4

y WHP i

fe d

F

K z
 


  (C.12) 

It is pertinent to say here that the sequence of activation (yielding) of the WHP groups 

in the proposed column base is not necessarily the above. It may happen zc to be 

smaller than zd, and then θ4 (Event 4) will correspond to θy,WHPc, and θ3, to θy,WHPd. 

However, for the proposed layout, the WHPus will always be the more distant WHP 

group to the COR (zu > {zc,zd}), given the values of zu, zc, and zd, from Step 6 of the 

design procedure.  

WHP forces  

The WHP forces can now be determined from the free-body diagram of Figure 3.13 

using Equations (C.2) to (C.4). For a number of WHPus equal to nWHPu, the total force 

developed in the WHPus can be given from the following relation:  

 ,WHPu WHPu WHP iF n F    (C.13) 

where FWHP,i is taken from relation (B.18). Substituting Equation (C.13) to (B.18), 

gives:  
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  (C.14) 

Similarly, for the WHPcs and the WHPds:  
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  (C.15) 

and  
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F and

n K n F for

  

   

   
 


      

  (C.16) 

where nWHPc and nWHPd are the numbers of WHPcs and WHPds in the column base, 

respectively.  

Substituting in Equation (C.14), δu from relation (C.2), gives:  
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n K z for

F and

n K z n F for

  

   

    
 


       

  (C.17) 

where θ2 is derived from Equation (C.8).  

Substituting in Equation (C.15), δc from relation (C.3), gives:  
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  (C.18) 

where θ3 is taken from Equation (C.10).  

Lastly, substituting in Equation (C.16), δd from relation (C.4), gives:  
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  (C.19) 

where θ4 is taken from relation (C.12).  

Equation Section (Next)   
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Appendix D  

This appendix presents force-base rotation relationships for the two groups of the PT 

tendons during the cyclic response of the proposed column base.  

ER force components in the column base  

The forces developed in ERus are different than those developed in the ERds, during 

the rocking motion of the column base.  

ERu forces  

The gap-opening at the rocking interface of the novel column base causes the tendons, 

at the side of the anchor stand that moves upwards (ERus), to elongate. This 

elongation, denoted as ΔLERu,θ (Figure C. 1), produces an increase in the tendons’ 

force, on the top of the initial PT force T. ΔLERu,θ can be approximated following the 

same procedure with that followed for the calculation of the WHP lever arms (pg. 

252). Thus ΔLERu,θ equals:  

 ,ERu ERuL z      (D.1) 

where zERu is the lever arm of the ERus, from the COR, shown in Figure 3.13. 

However, the total force developed in each ERu, denoted as FERu,i, is not intended to 

reach the yield force of each tendon (Section 3.4), denoted as Fy,ER,i. Hence it can be 

written:  

 , , , ,ERu i ER ERu y ER iF T K L F      (D.2) 
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where T is the initial post-tensioning force applied at each tendon, which is defined in 

Section 3.6. Fy,ER,i is the yield strength of one tendon and is given by the relationship:  

 , , ,y ER i y ER ERF f A    (D.3) 

with fy,ER being the yield stress of the tendons’ material and AER the cross-sectional 

area of each tendon. KER in Equation (D.2) is the elastic axial stiffness of each of the 

post-tensioned tendons in the novel column base, and is defined as follows:  

 ER ER
ER

ER

E A
K

L


   (D.4) 

where EER is the Young’s modulus of the tendon’s material, and LER the initial length 

of each tendon. Substituting ΔLERu,θ from Equation (D.1) in Equation (D.2), gives 

FERu,i in terms of base rotation θ as follows:  

 , , ,ERu i ER ERu y ER iF K z T F       (D.5) 

For a number of ERus, equal to nERu, the total force developed in all ERus, denoted as 

FERu, is given by the relation:  

 ,ERu ERu ER ERu ERu y ERuF n K z n T F         (D.6) 

where Fy,ERu is the total force needed for all ERus to yield, equal to:  

 , , ,y ERu ERu y ER iF n F    (D.7) 

ERd forces  

The tendons placed at the side of the anchor stand that moves downwards, i.e., the 

ERds, lacking an underside nut, avoid buckling, while with the increase of θ, they lose 
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post-tensioning force. As a result, after a specific value of base rotation is reached, 

ERds become stress-free. This behaviour can be described by the following load-

deformation relationship:  

 
, , , ,
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ERd ERd PTF
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for L L

  

 

    
  

  (D.8) 

where ΔLERd,θ is the shrinking of the ERds, due to the downward movement of the 

anchor stand, and ΔLERd,θ,PTF, is the shrinking for which ERds become stress-free. 

ΔLERd,θ,PTF is defined below [Equation (D.22)]. Similarly to ΔLERu,θ, the ΔLERd,θ can be 

given by the following relationship:  

 ,ERd ERdL z      (D.9) 

Substituting Equation (D.9) in Equation (D.8), yields:  
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  (D.10) 

where θERd,PTF is the base rotation for which the ERds become PT-free. θERd,PTF is 

determined below [Equation (D.21)].  

For a number, nERd, of ERds, the total force developed in all ERds, FERd, equals to:  
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  (D.11) 



 

262 
 

ERu yield elongation and base rotation  

The total real elongation at the ERus, denoted as ΔLERu, can be decomposed into two 

components: (a) the one attributed to the initial PT force, T, denoted as ΔLERu,PT; and 

(b) the one attributed to the gap opening (expressed in terms of θ), denoted above as 

ΔLERu,θ [Equation (D.1)]. Hence, for the real elongation we can write:  

 , ,ERu ERu ERu PTL L L       (D.12) 

The elongation due to T, can be derived using simple mechanics theory, as follows:  
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ER

ERu PT
ER ER

T L
L

E A


 


  (D.13) 

Substituting Equations (D.1) and (D.13) in Equation (D.12) yields the following 

relation between the base rotation θ and the total elongation at the ERus, as follows:  

 ERu ER ER ER

ERu

L E A T L

z
     
   (D.14) 

To derive the yield elongation of the ERus, ΔLy,ERu, ΔLERu is expressed as a function 

of the FERu,i, as follows:  

 ,ER ERu i
ERu

ER ER

L F
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E A


 


  (D.15) 

In the above relationship, when FERu,i reaches Fy,ER,i, ΔLERu, equals to ΔLy,ERu, and 

hence:  
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  (D.16) 
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Substituting in the above equation, Fy,ER,i, from Equation (D.3) eventually gives:  
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    (D.17) 

Substituting Equations (D.17), (D.1) and (D.13), in Equation (D.12), and solving for 

θ, gives the base rotation when ERus yield, denoted as θERu,Y, as follows:  
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f A L T L
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  (D.18) 

Substituting in the last relationship KER from (D.4), gives:   

 ,
,

y ER ER
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  (D.19) 

Substituting θERu,Y from Equation (D.19), in Equation (D.1), the yield elongation of 

the ERus due to the rotation of the column base, denoted as ΔLy,ERu,θ, can be obtained 

by the following relation:  

 ,
, ,

y ER ER
y ERu
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f A T
L

K

 
    (D.20) 

ERd post-tensioning free base rotation and shrinking  

ERds become post-tensioning free when FERd,i becomes zero. Equating FERd,i with zero 

in relation (D.10), and solving for the base rotation, gives the base rotation value for 

which the ERds become stress-free, θERd,PTF:  

 ,ERd PTF
ER ERd

T

K z
 


  (D.21) 
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The shrinking for which ERds become PT-free, denoted as ΔLERd,θ,PTF, can be given 

by substituting Equation (D.21) in Equation (D.9). That gives:  

 , ,ERd PTF
ER

T
L

K    (D.22) 

 

Equation Section (Next)   
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Appendix E  

This appendix presents the equations according to which the interstorey drift ratios 

(IDRs), and the roof drift ratios, are defined in EC8.  

Interstorey drift ratios according to EC8  

According to EC8 (BS EN 1998-1, 2013), the interstorey drift ratio (IDR), θs, of a 

specific storey in a multistorey building equals:  

 r
s

d

h
    (E.1) 

where dr is the design interstorey drift determined, and h is the height of the storey 

under consideration. The dr is defined as the difference of the average lateral 

displacements i
sd  and 1i

sd  , at the top and at the bottom of the storey, respectively, 

according to Section 4.4.2.2 of EC8, i.e.:  

 1i i
r s sd d d     (E.2) 

where i is the number of the storey under consideration.  

If linear analysis (e.g. spectrum modal analysis, or modal analysis) is performed, ds is 

calculated according to Eq. (4.23) of EC8 as follows:  

 s d ed q d    (E.3) 

where ds is the displacement of a point of the structure, induced by the design seismic 

action (DBE), qd is the displacement behaviour factor, assumed equal to q, on the basis 

of equal displacement rule, unless otherwise specified; and de is the displacement of 
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the same point of the structure, as determined by the elastic analysis, based on the 

design response spectrum. In case that nonlinear analysis [response/time-history 

analysis, or pushover analysis or incremental dynamic analysis (IDA)] is performed, 

the displacements obtained directly from the analysis, are the final displacements ds.  

Roof drift ratio  

The roof drift ratio is expressed as a percentage, and can be calculated according to 

the following relation:  

  % 100%roof
r

tot

d

h
     (E.4) 

where droof is the total horizontal displacement of a point of the structure, at the roof 

level, and htot is the total structure height, measured from the ground up to the roof 

level.  

 

Equation Section (Next)  
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Appendix F  

This appendix presents data for the OpenSees models of the prototype building design 

cases of Chapter 5, referred to as SC-MRF models (refer to Section 5.4). In the 

beginning, it presents drawings of close-up views of the SC-MRF models. The 

drawings pertain to selected beam-column and column base connections. The 

numbering of the nodes, the elements, and other supplemental features of the specific 

parts of the aforementioned models (e.g. the nomenclature of the gridlines of the 

models) are all described in the drawings in question. The drawings are useful for the 

understanding of specific parts of Chapter 5.  

In addition, the appendix presents tables with data for the elements and the nodes of 

the SC-MRF models which are useful for the explanation of the nonlinear analyses of 

these models and also for the interpretation of their results.  
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Drawings of the SC-MRF models  

Beam-column connections of the SCMRF and the SCMRF-CB  

The following figures present selected elevation views of the PT beam-column 

connections that both the SCMRF OpenSees model and the SCMRF-CB OpenSees 

model have in common, with respect to their elements, nodes and grids.  

 

Figure F. 1 Elevation view of the PT beam-column connection in Column 1 at 1st floor (Detail 
5 in Figure 5.7)  
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Figure F. 2 Elevation view of the PT beam-column connection in Column 1 at 2nd floor  

 

 

Figure F. 3 Elevation view of the PT beam-column connection in Column 1 at 3rd floor  
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Figure F. 4 Elevation view of the PT beam-column connection in Column 1 at 4th floor  

 

 

Figure F. 5 Elevation view of the PT beam-column connection in Column 1 at 5th floor (Detail 
6 in Figure 5.7)  
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Figure F. 6 Elevation view of the PT beam-column connection in Column 2 at 1st floor  

 

 

Figure F. 7 Elevation view of the PT beam-column connection in Column 2 at 2nd floor  
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Figure F. 8 Elevation view of the PT beam-column connection in Column 3 at 3rd floor (Detail 
3 in Figure 5.7)  

 

 

Figure F. 9 Elevation view of the PT beam-column connection in Column 4 at 1st floor (Detail 
2 in Figure 5.7)  
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Figure F. 10 Elevation view of the PT beam-column connection in Column 4 at 5th floor 
(Detail 4 in Figure 5.7)  
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Column bases of the SCMRF-CB OpenSees model  

The following figures present elevation views of the four novel column bases in the 

SCMRF-CB OpenSees model. Nomenclature for their nodes, their elements and their 

grids is provided.  

Figure F. 11 Elevation view of the novel column base in Column 1, referred to as Column 
base 1 (see Figure 5.6)  
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Figure F. 12 Elevation view of the novel column base in Column 2, referred to as Column 
base 2 (see Figure 5.6)  
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Figure F. 13 Elevation view of the novel column base in Column 3, referred to as Column 
base 3  
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Figure F. 14 Elevation view of the novel column base in Column 4, referred to as Column 
base 4 (Detail 1 in Figure 5.7)  
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Tables for the SC-MRF models  

Table F. 1 Fiber elements and nodes of the first floor (base) columns of the SCMRF 
OpenSees model, along with their steel cross-sections and yield strength  

Position  Element  Upper 
node  

Lower 
node  

Steel cross-
section  

Yield strength 
(kN)  

Column 1 1 2  1  HE 650 B  2579,46  

Column 2 6  12  11  HE 650 B  2579,46  

Column 3 11  22  21  HE 650 B  2579,46  

Column 4 16  32  31  HE 650 B  2579,46  

Notes: The position of the columns is shown in Figure 5.12; the steel cross-section of the 
columns is taken from Table 5.1; the yield strength of the columns (MN,pl,Rd,c) is calculated 
according to Appendix A.   

 

Table F. 2 Fiber elements and nodes of the first floor (base) columns of the SCMRF-CB 
OpenSees model, along with their steel cross-sections and yield strength  

Position  Element  Upper 
node  

Lower 
node  

Steel cross-
section  

Yield strength 
(kN)  

Column 1 1040 1  737  HE 650 B  2579,46  

Column 2 1075  11  764  HE 650 B  2579,46  

Column 3 1110  21  791  HE 650 B  2579,46  

Column 4 1145  31  818  HE 650 B  2579,46  

Notes: The position of the columns is shown in Figure 5.12; the elements and their upper and 
lower nodes for columns 1, 2, 3 and 4, can be seen in Figure F. 11, Figure F. 12, Figure F. 
13, and Figure F. 14, respectively; the steel cross-section of the columns is taken from Table 
5.1; the yield strength of the columns (MN,pl,Rd,c) is calculated according to Appendix A.   
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Table F. 3 Characteristics and positioning of the zero-length rotational springs that model the 
plastic hinges at the beams of the SC-MRF models  

Rotational 
Spring 
(number)  

Floor  Bay  Beam  
(number)  

Position in 
the beam  

Beam 
cross-
section  

Yield 
strength 
(My; kNm) 

927 1 1 22 Left side  IPE550 716.04 

928 1 1 22 Right side IPE550 716.04 

929 1 2 25 Left side  IPE550 716.04 

930 1 2 25 Right side  IPE550 716.04 

931 1 3 28 Left side  IPE550 716.04 

932 1 3 28 Right side  IPE550 716.04 

933 2 1 31 Left side  IPE600 917.00 

934 2 1 31 Right side  IPE600 917.00 

935 2 2 34 Left side  IPE600 917.00 

936 2 2 34 Right side  IPE600 917.00 

937 2 3 37 Left side  IPE600 917.00 

938 2 3 37 Right side  IPE600 917.00  

939 3 1 40 Left side  IPE550 716.04 

940 3 1 40 Right side  IPE550 716.04 

941 3 2 43 Left side  IPE550 716.04 

942 3 2 43 Right side  IPE550 716.04 

943 3 3 46 Left side  IPE550 716.04 

944 3 3 46 Right side  IPE550 716.04 

945 4 1 49 Left side  IPE500 563.36 

946 4 1 49 Right side  IPE500 563.36  

947 4 2 52 Left side  IPE500 563.36 

948 4 2 52 Right side  IPE500 563.36 

949 4 3 55 Left side  IPE500 563.36 

950 4 3 55 Right side  IPE500 563.36 

951 5 1 58 Left side  IPE500 563.36 

952 5 1 58 Right side  IPE500 563.36 

953 5 2 61 Left side  IPE500 563.36 

954 5 2 61 Right side  IPE500 563.36 

955 5 3 64 Left side  IPE500 563.36 

956 5 3 64 Right side  IPE500 563.36 

Notes: the beam cross-sections were derived from Table 5.1.  
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Table F. 4 Position and yield strength of the truss elements used to model the PT bars of the 
PT beam-column connections in the SC-MRF models  

Truss element  Floor  Yield strength (kN)  

802 1 3337.94  

803 2 4806.64  

804 3 3076.25  

805 4 1928.00  

806 5 1730.39  

Note: Element 802, for the PT bars of the beam-column connections of the first floor can be 
seen in Figure F. 1; Element 803, for the PT bars of the beam-column connections of the 
second floor in Figure F. 2; Element 804, for the PT bars of the beam-column connections of 
the third floor in Figure F. 3; Element 805 for the PT bars of the beam-column connections of 
the fourth floor in Figure F. 4; and Element 806, for the PT bars of the beam-column 
connections of the fifth floor in Figure F. 5.   

 

Table F. 5 Translational spring elements used to model the WHPs of the PT beam-column 
connections in the SC-MRF models   

Floor Position 
Column 1 Column 2 Column 3 Column 4 Yield 

strength 
(kN) Right side 

Left 
side 

Right 
side 

Left 
side 

Right 
side 

Left side 

1st 
Top WHPs 847 857 867 877 887 897 356  

Lower 
WHPs 

848 858 868 878 888 898 356 

2nd 
Top WHPs 849 859 869 879 889 899 436 

Lower 
WHPs 

850 860 870 880 890 900 436  

3rd 
Top WHPs 851 861 871 881 891 901 356 

Lower 
WHPs 

852 862 872 882 892 902 356  

4th 
Top WHPs 853 863 873 883 893 903 308 

Lower 
WHPs 

854 864 874 884 894 904 308 

5th 
Top WHPs 855 865 875 885 895 905 266  

Lower 
WHPs 

856 866 876 886 896 906 266  

Notes: The spring elements can be seen in Figure F. 1 to Figure F. 10. The yield strength of 
the WHPs is calculated according to Appendix B, based on their characteristics, derived from 
Table 5.2.  
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Table F. 6 Elements and nodes that are used to model the zero-length contact springs at the 
rocking interfaces of the novel column bases in the SCMRF-CB OpenSees model  

Element  Column 
base * 

Column 
base side 
** 

Position 
in the 
side *** 

Upper 
node (Foot 
end plate)  

Lower 
node (Base 
plate)  

Description  

1041 1 Left Left 726 † 719 Figure F. 11  

1042 1 Left  Centre  727 720 Figure F. 11 

1043 1 Left  Right  728 721 Figure F. 11 

1044 1 Right  Left  729 722 Figure F. 11 

1045 1 Right  Centre 730 723 Figure F. 11 

1046 1 Right Right  731 724 Figure F. 11 

1076 2 Left Left 753 †  746 Figure F. 12 

1077 2 Left  Centre  754 747 Figure F. 12 

1078 2 Left  Right  755 748 Figure F. 12 

1079 2 Right  Left  756 749 Figure F. 12 

1080 2 Right  Centre 757 750 Figure F. 12 

1081 2 Right Right  758 751 Figure F. 12 

1111 3 Left Left 780 † 773 Figure F. 13 

1112 3 Left  Centre  781 774 Figure F. 13 

1113 3 Left  Right  782 775 Figure F. 13 

1114 3 Right  Left  783 776 Figure F. 13 

1115 3 Right  Centre 784 777 Figure F. 13 

1116 3 Right Right  785 778 Figure F. 13 

1146 4 Left Left 807 † 800 Figure F. 14 

1147 4 Left  Centre  808 801 Figure F. 14 

1148 4 Left  Right  809 802 Figure F. 14 

1149 4 Right  Left  810 803 Figure F. 14 

1150 4 Right  Centre 811 804 Figure F. 14 

1151 4 Right Right  812 805 Figure F. 14 

*: The column base numbering refers to Figure 5.12.  
**: The side of the column base is determined with respect to its centerline axis, as illustrated 
in Figure 3.6.  
***: The position in the side refers to the position of the element in the left or right part of the 
foot end plate and/or base plate. In turn, the left and the right parts of the foot end plate and/or 
base plate, are determined with respect to which side of the column base are placed at.  

†: Nodes that are used for the monitoring of the gap opening at the rocking interface of the 
novel column bases (Section 5.5.1.4).  
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Table F. 7 Translational spring elements that model the WHPs in the novel column bases of 
the SCMRF-CB OpenSees model, along with their position and yield strength  

WHP hysteretic 
spring element 
(number)  

Position in 
the frame 

Position in 
the column 
base  

Number of 
WHPs that the 
element models  

Yield 
strength (kN)  

1049 
Column base 

1 

Left side 2 226  

1050 Centre 4 452 

1051 Right side 2 226 

1084 
Column base 

2 

Left side 2 226 

1085 Centre 4 452 

1086 Right side 2 226 

1119 
Column base 

3 

Left side 2 226 

1120 Centre 4 452 

1121 Right side 2 226 

1154 
Column base 

4 

Left side 2 226 

1155 Centre 4 452 

1156 Right side 2 226 

Note: The numbering and the positioning of the WHP spring elements are derived from Figure 
F. 11 to Figure F. 14 in Appendix F. The numbering of column bases is derived from Figure 
5.12. The yield strength of each spring element corresponds to the yield strength of a pair of 
WHPs, for the left- and right-side spring elements, and to the yield strength of four WHPs, for 
the central spring elements. The yield strength of a single WHP is calculated according to 
Appendix B, based on the characteristics of the WHP which are derived from Table 4.1.  
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Table F. 8 Truss elements that model the PT tendons of the novel column bases in the 
SCMRF-CB OpenSees model   

Truss 
element  

Column 
base * 

Column base 
side ** 

Yield strength 
(kN) *** 

Description  

1047 † 1 Left 2967.08 Figure F. 11 

1048  1 Right 2967.08 Figure F. 11  

1082 † 2 Left  2967.08 Figure F. 12 

1083  2 Right  2967.08 Figure F. 12  

1117 † 3 Left 2967.08 Figure F. 13 

1118 3 Right  2967.08 Figure F. 13  

1152 † 4 Left  2967.08 Figure F. 14 

1153  4 Right  2967.08 Figure F. 14  

*: The numbering of the column bases is derived from Figure 5.12.  
**: Refer to Table F. 6.  
***: The yield strength of each truss element is calculated based on the characteristics of the 

two tendons that models. The characteristics of the tendons are derived from Table 4.1.  

†: Truss elements that are used for the monitoring of the yielding in the PT tendons of the 
novel column bases (Section 5.5.1.4).  

 

Equation Section (Next) 
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Appendix G  

This section presents results from the nonlinear analyses of the three design cases 

conducted in Chapter 5. The nodes of the OpenSees prototype building models of 

Section 5.4 used for the derivation of the IDRs of the SCMRF and the SCMRF-CB 

are also presented.  

Nodes used for the derivation of the IDRs of the three 

prototype buildings  

Given the diaphragmatic action of the composite slabs only five nodes (one for each 

floor) were used for the derivation of the IDRs of the three prototype buildings. The 

IDRs were determined according to the relationships presented in Appendix E, by 

measuring the horizontal displacements (i.e., the displacements over the X-axis) of the 

aforementioned nodes. Table G. 1 lists the nodes and their details.  

Table G. 1 Nodes used for the derivation of the IDRs of the three prototype buildings  

Node  Column†  Position in 
the column  

Floor  Description  

161 1 Central panel 
zone node  

1 Figure F. 1 

165 1 Central panel 
zone node 

2 Figure F. 2 

169 1 Central panel 
zone node 

3 Figure F. 3 

173 1 Central panel 
zone node 

4 Figure F. 4 

177  1 Central panel 
zone node 

5 Figure F. 5 

†: For the numbering of the columns refer to Figure 5.7.  
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Nonlinear response-history analyses results  

Seismic assessment of the design cases  

Comparison of the height-wise distribution of the peak IDR demands of 

the SC-MRFs  

 

Figure G. 1 Linear trendlines of curves in Figure 5.30: Percent change of the peak IDR 
demands of the SCMRF, compared with the peak IDR demands of the SCMRF-CB, under 

the DBE and the MCE  
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Comparison of the height-wise distribution of the residual IDR demands 

of the SC-MRFs  

 

Figure G. 2 Linear trendlines of curves in Figure 5.31: Percent change of the residual IDR 
demands of the SCMRF, compared with the residual IDR demands of the SCMRF-CB, 

under the DBE and the MCE  
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Appendix H  

This appendix presents drawings of the final design of the novel column base which 

pertains to the Abaqus FEM model of Section 4.2.  

Shear bumpers  

 
(a) 

 
(b) 

Figure H. 1 Final design of the shear bumpers: (a) Plan view; (b) Side elevation  
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Abaqus FEM model  

 

Figure H. 2 Side elevation of the final geometry of the Abaqus FEM model of the column 
base of Section 4.2  

 

 

Figure H. 3 Side elevation of the final geometry of a single WHP in the Abaqus FEM model 
of the column base of Section 4.2  
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